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ABSTRACT 

This study develops a probabilistic loss estimation methodology that explicitly accounts and 

propagates many sources of uncertainty with the objective of providing quantitative measures of 

seismic performance in terms of economic losses. The methodology involves four main steps: 

(1) estimation of the ground motion intensity at the site; (2) estimation of the response of the 

building at different levels of ground motion intensity; (3) estimation of damage in structural and 

nonstructural components in the building at increasing levels of structural response; and       

(4) estimation of economic losses at increasing levels of damage. Results from these four 

separate analyses are combined using the total probability theorem to provide seven different 

measures of earthquake losses in a building. Sources of uncertainty in each of these four separate 

analyses are identified and rationally treated by considering the ground motion intensity at the 

site, the structural response at all story and floor levels of the building, the damage state in all 

structural and nonstructural components, and the repair and replacement costs as random 

variables. Epistemic uncertainties involved in each of these analyses is explicitly considered and 

propagated. Loss disaggregation is proposed as a way to identify the ground motion intensities, 

levels of structural response and components that primarily contribute to damage and direct 

economic losses. Results of a loss disaggregation analysis can then provide valuable information 

to engineers and project stakeholders in making efficient risk management decisions.  

Economic losses in a building are computed as a combination of losses resulting from repair 

and replacements of structural and nonstructural components when the building does not collapse 

and of losses associated with demolition and reconstruction when the building collapses. 

Fragility functions for various types of structural components are developed based on results 

from experimental research.  The probability of collapse at different levels of ground motion is 

explicitly considered in the estimation of earthquake losses. Two modes of collapse are 

considered: collapse resulting from a lateral dynamic instability and progressive collapse 
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resulting from the loss of vertical carrying capacity of critical structural elements. Correlation 

between losses in individual elements is considered and its effects are evaluated.  

The building loss estimation methodology is illustrated by applying it to an existing non-

ductile reinforced concrete building. It is concluded that for this building losses are primarily 

produced by damage to nonstructural components. Furthermore, expected annual losses are 

produced primarily by moderate earthquakes. However, a significant portion of the losses are 

produced by the relatively high probability of collapse produced by the low deformation capacity 

of this structure. 
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C h a p t e r  1  

INTRODUCTION 

1.1 Motivation 

The goal of current seismic design codes is to provide minimum design criteria to protect life 

safety (BSSC, 2003). While this goal has been met in recent California earthquakes such as 1989 

Loma Prieta and 1994 Northridge earthquakes in most cases for structures that satisfied recent 

code requirements, both of these events resulted in very large economic losses that are seemed 

excessive especially if one considers the moderate magnitude of these events. These large 

economic losses triggered the interest in the structural engineering community to design 

structures not only to provide life safety but also to control economic losses.  

PBEE implies design, evaluation, and construction of engineered facilities whose 

performance under common and extreme loads responds to the diverse needs and objectives of 

owners-users and society (Krawinkler, 2004). To respond to the diverse needs of various 

stakeholders in a building, it is required to provide quantitative measures of seismic performance. 

Direct economic losses, down time, and fatality rates are examples of quantitative measures of 

seismic performance. A realistic prediction of direct economic losses in a building is required in 

order to provide an acceptable level of protection to economic investments in the building when 

it is subjected to seismic excitations. This realistic estimation of economic losses in a building 

can be achieved by developing a probabilistic loss estimation methodology which is capable of 

accounting for various sources of uncertainty that contribute to earthquake losses in the building.  

1.2 Objectives 

In this study a probabilistic methodology is developed for seismic performance assessment of 

buildings in which performance is described in terms of direct economic losses. The proposed 
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loss estimation methodology provides quantitative information to help different interested parties 

of a building make informed decisions with regards to risk mitigation strategies that they may 

adopt against future earthquakes. In particular, this investigation has been conducted with the 

following specific objectives: 

- To develop a probabilistic methodology upon which future performance-based seismic 

design can be quantified in terms of economic losses 

- To develop a probabilistic methodology which its level of sophistication in estimating 

earthquake losses in buildings can be adjusted according to the needs of the user/project 

- To identify, investigate and incorporate various sources of uncertainty inherent in 

estimation of earthquake losses in buildings 

- To develop fragility functions at the component level that can be used for probabilistic 

damage assessment in buildings which its results can later be used for realistic 

estimations of the building downtime and closure 

- To propose a procedure to disaggregate earthquake losses in order to provide improved 

information to project stakeholders with regards to the contribution of different 

elements to the total building loss 

- To illustrate the proposed loss estimation and loss disaggregation methodology using a 

case study building structure 

1.3 Organization of the Thesis 

Chapter 2 presents a background on loss estimation that includes a literature review on 

previous loss estimation studies together with a brief description on the Pacific Earthquake 

Engineering Research (PEER) Center framework equation for PBEE. The chapter also describes 

how this framework equation has been modified to be used as the basis for building loss 

estimation and provides an overview of the loss estimation methodology proposed in this study. 

Chapters 3 to 5 describe different components required to estimate economic losses. Chapter 3 

presents an approach for probabilistic analysis of the structural seismic response. The proposed 

approach uses the results of response history analyses to estimate the probability of occurrence of 

the structural response parameter conditioned on the level of ground motion intensity. The 

conditional probability distribution of the structural response parameter on the ground motion 

intensity is estimated as a function of the median and logarithmic standard deviation of the 

structural response at that level of intensity. Functional forms are suggested to incorporate the 

variations in the median and in the logarithmic standard deviation of the structural response at 

different levels of ground motion intensity. Although the proposed procedure is generic and can 
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be used to estimate the conditional probability of occurrence of any type of structural response at 

given levels of ground motion intensity, its application is illustrated through applying it to a case 

study building which is an existing non-ductile reinforced concrete building. Conditional 

probability of occurrence of two types of response parameters are estimated in the case study 

building: interstory drift ratio at all stories and peak floor acceleration at all floor levels. As part 

of chapter 3, four structure-specific ground motion intensity parameters that can be used for 

probabilistic seismic response assessment in buildings are evaluated and discussed using the 

results from structural response analyses of the case study building. Ground motion intensity 

parameters are evaluated and compared with each other through their level of efficiency and 

sufficiency when estimating probability parameters of the interstory drift ratio and peak floor 

acceleration in the case study building.  

A damage assessment procedure which is based on developing deformation-based fragility 

functions for different structural and non-structural components in the building is presented in 

chapter 4. The procedure is then used to develop fragility functions for different damage states 

that can be experienced in structural and non-structural components located in the case study 

building. Fragility functions for each component are developed using the results from 

experimental studies on various specimens of that component. In particular, interstory drift-based 

fragility functions are developed for slab-column connections, reinforced concrete columns, 

interior beam-column connections, and exterior beam-column connections in non-ductile 

reinforced concrete buildings. For certain damage states in slab-column connections and 

reinforced concrete columns, fragility functions developed in this study are not only a function of 

the level of interstory drift ratio in the component but also a function of a third parameter that 

varies with material and loading properties of the component. As part of chapter 4, examples are 

provided on the applications of fragility functions developed for structural components in order 

to estimate probabilities of experiencing certain damage states corresponding to that component 

in the case study building. Also in chapter 4, a summary of fragility functions used to estimate 

probability of experiencing damage in certain drift-sensitive and acceleration-sensitive 

nonstructural components are presented. 

A procedure to develop component loss functions is proposed in chapter 5. Component loss 

functions are defined as functions that permit to estimate the probability of experiencing a certain 

level of economic loss in a component when a certain level of damage is experienced in the 

component. The procedure explicitly takes into account the variability associated with the repair 

or replacement cost of the component. The proposed procedure is then used to develop loss 

functions for different structural and nonstructural components located in the case study building. 
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Also shown in chapter 5 are the results of a preliminary investigation on the level of correlation 

between various construction cost items. These correlations are used later in this study in order to 

incorporate the effects of correlation between component losses when estimating probabilistic 

measures of the building loss that requires estimates of the dispersion of the building loss.  

Chapter 6 provides a detail description of the loss estimation methodology proposed in this 

study. In this chapter, estimation of different measures of economic losses in buildings is 

explained in two parts. In the first part, a procedure is explained to estimate measures of 

economic losses that involve expected loss in a building. Building expected loss is estimated as a 

function of building losses when collapse does not occur in the building and building losses 

when the structure collapses. Non-collapse building expected loss is treated as a random variable 

and is estimated as the sum of losses in structural and nonstructural components in the building. 

To estimate non-collapse building expected loss, procedures developed and explained in chapters 

3 to 5 are used. Expected loss when collapse has occurred in the building is also treated as a 

random variable and is estimated as a function of the replacement cost of the building. The 

probability of experiencing building collapse when estimating the expected loss is estimated as a 

function of two modes of collapse: sidesway collapse and loss of vertical carrying capacity. In 

the second part of chapter 6, an approach is proposed and described for the estimation of the 

mean annual frequency of exceedance of the building loss. In addition to incorporating for 

probability of building collapse in a fashion similar to what used for the estimation of the 

building expected loss, the effects of correlation between losses in individual components are 

also taken into account when estimating the standard deviation of the building loss. Correlation 

between losses in individual components is estimated as a function of correlation between 

structural response parameters at different levels of ground motion intensity, correlation between 

experiencing different damage states in two components when they are subjected to different 

levels of lateral deformation demands, and correlation between repair or replacement costs when 

different damage states have occurred in components. The proposed loss estimation methodology 

in chapter 6 is illustrated by applying it to the case study building. 

Building losses estimated using the proposed loss estimation methodology can be 

disaggregated in order to identify the primary contributors to economic losses in the building. 

Chapter 7 proposes a procedure for loss disaggregation in buildings which is then used to 

disaggregate economic losses estimated in the case study building. Loss disaggregation is 

conducted with the objective of delivering information on the contribution of losses from 

structural and nonstructural components to the total loss in a building, on the contribution of 

losses estimated at each story in a building into the total building loss, and on the contribution of 
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the losses from collapse and non-collapse cases to the total loss. As part of this chapter it is 

discussed that how loss disaggregation can provide a powerful tool in assisting interested parties 

of a building in making informed risk management decisions.  

While the proposed loss estimation methodology described in chapter 6, incorporates the 

effects of various sources of variability in estimating economic losses in buildings, chapter 8 

describes the effects of modeling (epistemic) uncertainty in loss estimation. In particular, the 

effects of modeling uncertainty on the following five sources of variability incorporated in the 

loss estimation methodology are investigated: variability associated with the ground motion 

intensity; variability corresponding to the structural response conditioned on the ground motion 

intensity; variability associated with experiencing damage in various building components when 

they are subjected to given levels of structural response; variability associated with repair and 

replacement costs of building components when certain damage states have occurred in them; 

and variability associated with experiencing building collapse at different levels of ground 

motion intensity. Epistemic uncertainty arises from the fact that loss models are often developed 

based on limited sample sizes of simulations, experiments and data, as well as from assumptions 

in developing the models and interpretations of data and results. For each source of variability, 

the effects of these two sources of epistemic uncertainty are quantified in chapter 8. The effects 

of these sources of epistemic uncertainty are then propagated when estimating expected annual 

losses in the case study building. 

The results of sensitivity analyses conducted on the probability parameter of building loss 

estimated using the proposed loss estimation methodology is presented in chapter 9. In the first 

part of the chapter results from sensitivity analyses conducted on the estimation of the building 

expected loss are presented and discussed. In the second part of the chapter, the results of 

sensitivity analyses conducted on the estimation of the dispersion of the building loss are 

presented. In particular, the effects of correlation between losses in individual components and 

the effects of number of components when estimating the dispersion of the building loss are 

discussed. In the last part of chapter 9, simplified approaches are presented that can be used to 

estimate building expected loss and the mean annual frequency of exceedance of the building 

loss under certain assumptions. 

Finally, chapter 10 provides a roadmap that can be used when applying the proposed loss 

estimation methodology to a building. Significant conclusions and contributions of this study are 

also presented in chapter 10 together with recommendations for future research in the area of 

building-specific loss estimation. 
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C h a p t e r  2  

BACKGROUND IN EARTHQUAKE LOSS 
ESTIMATION 

2.1 Literature Review 

A relatively large number of studies have been published dealing with earthquake loss 

estimation. Previous earthquake loss estimation studies can be categorized as: regional loss 

estimation studies and building-specific loss estimation studies. Regional loss estimation studies 

are aimed at the estimation of economic losses for a large number of buildings (hundreds or 

thousands) within a geographical region such as a city, a part of a city, county, state or at a 

country level. Building-specific loss estimation studies on the other hand are aimed at providing 

more accurate estimations of economic losses for specific buildings located at specific sites. 

2.1.1 Regional loss estimation studies 

The large majority of earthquake loss estimation studies are concerned with regional loss 

estimation in which the main objective is to obtain estimates of economic losses over a large 

number of structures. One of the earliest studies in loss estimation was performed by Freeman 

(1932) who provided rough estimates of probable average earthquake loss ratios for various 

localities and various types of buildings in order to develop a rational basis for estimating 

earthquake losses for the insurance industry. Until the early 1970s, most regional earthquake loss 

estimation studies were confined within the insurance industry. Steinbrugge (1982) summarized 

some of the early earthquake loss estimation studies conducted by insurance companies in order 

to establish earthquake insurance premiums. As part of his study, a methodology was proposed 

that used types of construction as input and estimated damage to property in terms of percentage 

of replacement cost using reference graphs that linked the ground motion intensity on the 
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horizontal axis to the percent loss on the vertical axis for different classes of construction. 

Furthermore, provided in Steinbrugge’s study were earthquake insurance construction classes 

and rating tables from the Insurance Services Office (1977) and Insurer’s Advisory Organization 

of Canada. 

During early 1970s, a series of regional loss estimation studies were conducted for the 

United States federal government to estimate economic losses and casualties, to evaluate 

functionality of essential facilities, and to study impacts on lifelines. In a study by Algermissen et 

al. (1972) estimations of damage and losses that would result from major earthquakes in the San 

Francisco Bay Area was produced by a group of experts in structural engineering, seismologists 

and geologists. This study was the first of four similar studies conducted on predicting the impact 

of major earthquakes in the Bay Area, Los Angeles, Salt Lake City and Puget Sound. Numerous 

relationships between collected data and casualties or damage were presented in this study.  

Studies conducted by Steinbrugge et al. (1969) and Whitman et al. (1973) were among the 

first investigations that explicitly considered the probabilistic nature of earthquake losses by 

developing damage probability matrices. Steinbrugge et al. (1969) proposed damage statistics 

and estimation factors for dwellings located in the San Francisco Bay Area. The inputs to the 

proposed methodology were census data categories (such as construction date, type of 

foundation, type of partitions, and exterior finish), location (which was related to a Modified 

Mercalli Intensity map), and replacement costs. The analysis included a matrix relating 24 

dwelling construction classes with Modified Mercalli Intensities (MMI) scale. Each of the boxes 

in this 24x12 matrix contained a damage ratio (cost of repair as a percentage of replacement cost) 

and a damage factor (the percentage of buildings of this class and located in that intensity zone 

that would actually experience the specified damage ratio). The output of the methodology was 

percentage losses for various construction classes and also insurance losses when deductible 

amounts were presumed. In Whitman et al. (1973), the authors introduced the concept of damage 

probability matrices. Damage probability matrices were estimated for 5-story buildings with 

reinforced concrete frames, with shear walls, or with steel frames. Damage was described in 

terms of damage ratio and the intensity of the ground motion was described in terms of Modified 

Mercalli Intensity (MMI). The procedure was illustrated with buildings located in the Boston area 

and buildings located in the San Francisco Bay Area.  

The Applied Technology Council (ATC) conducted a study that was published as ATC-13 

(1985) and was entitled as “earthquake damage evaluation data for California”. The ATC-13 

project implemented damage probability matrices in a detailed methodology for regional loss 

estimation. Included in ATC-13 were damage probability matrices for 78 classes of structures 
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and estimates of time required to restore damaged facilities to pre-earthquake condition. Damage 

estimation in this study was performed as a function of MMI which was the selected ground 

motion intensity measure. In addition to developing damage probability matrices for a vast 

majority of classes of construction, the study provided a well-documented and systematic way to 

use expert opinion for loss estimation. The study provided a way to estimate earthquake losses in 

different types of facilities in California, such as industrial, commercial, residential, utility and 

transportation facilities. The report also provided a detail description of the inventory information 

essential for estimating economic losses on a regional basis. 

Reitherman (1985) provided a summary of more than thirty studies developed for regional 

loss estimation. Each study has been summarized with the description of the data required, 

description of the analysis procedure and description of the values or statements produced by the 

method. In another study, FEMA-249 (1994), researchers reviewed more than 1000 references 

dealing with earthquake loss estimation, of which 150 references were reviewed in detail and 

were summarized in the document. For each study the key features of the investigation has been 

summarized in terms of the type of hazards being considered, induced damage taken into 

account, direct physical damage estimated and how social impact was taken into consideration. 

In another part of the FEMA document, loss estimation studies have been categorized in terms of 

their contribution to the following modular components in order to come up with a standardized 

methodology; potential earth science hazards, inventory, direct physical damage, induced 

physical damage, and losses and social impacts. 

As the number of earthquake loss estimation studies increased and as the type of users 

interested in the results from earthquake loss estimation studies increased, the need for a 

consistent guide for those undertaking earthquake loss estimation became a necessity since there 

were significant inconsistencies among different available loss estimation methods. The study 

presented in FEMA-177 (1989) was conducted to provide some guidelines for a consistent and 

standardized loss estimation methodology. The idea of developing a nationally applicable 

standardized methodology for estimating potential earthquake losses on regional basis was also 

one of the main objectives in preparation of the FEMA-249 (1994) report. Both FEMA-177 

(1989) and FEMA-249 (1994) emphasized on a realistic evaluation of various sources of 

uncertainty in developing a loss estimation methodology. In particular, both FEMA studies 

emphasized that available loss estimation methodologies at that time, did not properly 

incorporate the uncertainty associated with the seismic hazard. Consequently, a standardized 

regional loss estimation methodology was developed (NIBS, 1997; Whitman et al., 1997; Kircher 

et al., 1997), which was introduced under the name HAZUS®, that instead of using qualitative 
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measures of ground motion intensity ( e.g. MMI) uses quantitative measures of ground shaking 

namely elastic spectral ordinates to measure ground motion intensity (Kircher et al., 1997). 

Elastic spectral ordinates were used in HAZUS with the objective of decreasing the reliance on 

engineering judgment and expert opinion which were extensively used in ATC-13 (1985).  

HAZUS is a natural hazard loss estimation methodology implemented through PC-based 

Geographic Information System (GIS) software developed under agreements with the National 

Institute of Building Sciences (NIBS). HAZUS is a nationally-applicable, standardized 

methodology and software program for estimating potential regional losses from earthquakes, 

floods, and wind. The methodology uses GIS software to calculate map and display earthquake 

hazards and damage at three levels of complexity. Level 1 analysis uses national data sets that are 

included with HAZUS. Level 2 analysis allows the user to modify the national data sets with 

local data for more refined and site specific results. Finally, Level 3 analysis allows users to 

supply their own techniques to study special conditions such as dam break and tsunami using 

engineering and other special expertise. The HAZUS earthquake loss estimation module has a 

building classification system which consists of 36 model building types and is based on the 

characteristics of building structure and frame. The methodology is capable of computing 

damages to residential, commercial, and industrial buildings, essential facilities, and 

transportation and utility lifelines as a function of the level of ground motion intensity, which is 

defined as elastic spectral ordinates (e.g. elastic spectral displacement or elastic spectral 

acceleration).  

More recent regional loss estimation studies were conducted on developing empirical 

fragility functions for different classes of building construction by investigating the correlation of 

building performance with recorded ground motions. For example, Sarabandi et al. (2004) 

developed empirical fragility functions for four building construction types and for several time- 

and frequency-dependent ground motion parameters using a dataset that included buildings 

within 300 meters of recording stations that were surveyed by licensed engineers following the 

1994 Northridge, California and the 1999 Chi-Chi, Taiwan earthquakes. The fragility functions 

developed were then implemented in HAZUS software to estimate regional earthquake damage 

and losses (King et al., 2004). 

2.1.2 Building-specific loss estimation studies 

While regional loss estimation methodologies provide information that can be useful by city 

and other government officials for planning and emergency response they do not provide reliable 
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information on possible losses in individual structures. There are only a very small number of 

studies that have been aimed at estimating earthquake losses in individual buildings.  

Scholl (1979) provided a deterministic component-based loss estimation methodology to 

identify, evaluate and correlate ground motion and structural parameters to improve predicting 

dollar losses in high-rise buildings. Ground-motion data bases and motion-damage relationships 

previously developed for high-rise buildings and for other classes of structures were refined and 

extended to provide reliable loss estimates in high-rise buildings. The procedure estimated the 

maximum floor responses by a detailed analysis of a structural model of the building when it was 

subjected to an earthquake ground motion. Damage to different structural and non-structural 

component categories in the building was defined as a percentage of the replacement cost of the 

component and was estimated using a library of motion-damage functions. The total damage in 

the building was computed as the sum of the damage estimated at different components.  

In another study, Gunturi and Shah (Gunturi, 1993) developed a building-specific loss 

estimation methodology that estimated the expected monetary losses in a building for a given 

earthquake scenario. Building loss was estimated as a function of the loss at each story which 

was estimated from the level of damage evaluated in structural components, non-structural 

components, and contents in that story. The study performed a nonlinear response history 

analysis on the structural model of the building when it was subjected to a single earthquake 

ground motion and used the Park and Ang’s (1985) damage index to estimate the level of 

damage in structural components. For non-structural components both interstory drift and peak 

floor acceleration were used as damage indices, and for contents peak floor acceleration was the 

selected damage index.  

The probabilistic nature of earthquake losses in a specific building has been taken into 

account in methodologies developed in late 1990s. Singhal and Kiremidjian (1996) developed a 

methodology that accounts for the ground motion uncertainty using an ensemble of simulated 

ground motions, in order to estimate the probability of structural damage in buildings. Monte 

Carlo simulation was used to develop motion-damage relationships for structural damage in three 

classes of reinforced concrete moment resisting frames, namely low rise (1-3 stories), mid rise 

(4-7 stories), and high-rise (8 stories or taller) buildings, in order to obtain fragility curves and 

damage probability matrices. Structural damage was estimated as a function of Park and Ang’s 

(1985) damage index. In another study, Porter and Kiremdjian (2001), proposed an assembly-

based probabilistic loss estimation methodology that accounts for more sources of uncertainty 

than previous studies. In addition to incorporating ground motion variability using simulated and 

recorded accelerograms, the study incorporated the uncertainty in estimating the damage 
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corresponding to each component and the uncertainty associated with estimating repair costs as a 

function of damage estimated in the component. Monte Carlo simulations were used to develop 

probabilistic vulnerability functions that estimate the statistical parameters of the building repair 

cost as a function of the ground motion intensity. Furthermore, the study provided a simplified 

sensitivity analysis on the effects of variations in different parameters used in the loss estimation 

methodology on the total building cost.  

2.1.3 Limitations in previous loss estimation studies 

2.1.3.1 Limitations of regional loss estimation studies 

Although regional loss estimation studies have the advantage of providing estimates of 

economic losses over a large number of structures, they have certain disadvantages that limit 

their usability for PBEE. Some of these limitations are as follows: 

 Very simple structural models are used in regional loss estimation studies which are 

typically based on single-degree-of-freedom systems, and therefore effects of higher 

modes are neglected. 

 Nonlinear behavior of the structures is not explicitly taken into account. For 

example, in HAZUS nonlinear behavior is considered through equivalent 

linearization and capacity spectrum methods which in some cases may introduce 

significant errors. 

 The basis of vulnerability functions used for damage assessment are typically not 

well documented and in many cases do not have a rational basis. 

 Cost variability associated with repair or replacement of the structures is often not 

taken into account. 

2.1.3.2 Limitations of building-specific loss estimation studies 

As mentioned before, there are only a few studies that have attempted to provide improved 

loss estimates for specific structures. Although these studies are significantly better than regional 

loss estimation methods, they typically have one or more of the following limitations: 

 The effects of collapse when estimating economic losses in the building have 

typically not been taken into account. 

 Building losses estimated from these methodologies have typically not been 

disaggregated to identify the important contributors to the losses. Therefore, the 

users of these methodologies are left with loss estimates without knowing the key 
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contributing components to the building loss that can help them to make improved 

seismic risk mitigation decisions. 

 Effects of modeling (epistemic) uncertainty in estimating building losses have not 

been evaluated and have not been propagated when estimating building losses. 

 The effects of correlation between losses in individual components have not been 

taken into account when estimating the dispersion of the building loss. Therefore, 

estimations of the dispersion of the building loss are either significantly over 

estimated or under estimated. 

 Fragility functions developed for structural damage assessment, either have been 

developed at the building level (i.e. they estimate the probability of experiencing 

damage in the building as a function of the level of ground motion intensity) which 

does not deliver any information on the level of vulnerability at the component level 

or have been developed for structural components using force-based approaches 

which does not provide realistic estimations of the probability of experiencing 

damage in the component as a function of increasing levels of deformation demands. 

2.2 PEER Goal in Earthquake Loss Estimation 

2.2.1 PEER performance assessment methodology 

The Pacific Earthquake Engineering Research (PEER) center was created in 1997 with the 

goal of developing seismic design technologies to meet the diverse economic and safety needs of 

owners and society (PEER, 2002). PEER’s development of seismic design technologies has been 

based on the premise of developing a seismic performance assessment methodology. To 

incorporate various sources of uncertainty in the seismic performance assessment methodology, 

researchers at PEER center have developed a framework equation on the basis of concepts of 

conditional probability and total probability theorem.  

PEER performance assessment methodology was primarily developed to improve decision 

making procedures with regards to the seismic performance of facilities. In PEER’s terminology 

measures of seismic performance are introduced as Decision Variables, DV’s. Decision variables 

are quantifiable measures of seismic performance that can be employed to judge seismic 

performance. For a realistic quantification of DV’s, it is required that various sources of 

uncertainty that contribute to the uncertainty corresponding to the decision variables are 

incorporated. Originally, it was proposed that the following three sources of uncertainty should 

be considered for a probabilistic estimation of DV’s: uncertainty corresponding to the decision 
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variable at a certain level of structural response, uncertainty corresponding to the structural 

response when the structure is subjected to a certain level of ground motion intensity, and 

uncertainty corresponding to the ground motion intensity. Each of the above sources of 

uncertainty has been taken into account in the PEER framework equation for seismic 

performance assessment by defining a random variable associated with that source of 

uncertainty. The uncertainty in estimating the seismic hazard at the site has been modeled by 

considering a ground motion intensity measure (IM) as a random variable and estimating the 

mean annual frequency of exceedance of the seismic hazard at the site, ν (IM > im), by 

performing a Probabilistic Seismic Hazard Analysis (PSHA). The uncertainty in estimating the 

intensity of the structural response is incorporated by considering a vector of engineering demand 

parameters (EDP’s) and estimating the conditional probability of the engineering demand 

parameter exceeding a certain intensity, edp, at different levels of ground motion intensity, P 

(EDP>edp | IM = im). The uncertainty in estimating decision variables, DV’s, are incorporated 

using the conditional probabilities of exceeding a certain level of dv at a level of edp, P(DV > dv | 

EDP = edp). 

On the basis of the above random variables and conditional probabilities, the first version of 

the PEER framing equation was introduced to estimate the mean annual frequency of exceedance 

of a decision variable, ν(DV>dv) , as follows (Cornell and Krawinkler, 2000) 

∫ ∫ >=>=>=> )()|()|()( imIMdimIMedpEDPPdedpEDPdvDVPdvDVDV νν        (2.1) 

For certain measures of seismic performance, it was proposed that a more realistic estimation 

of the decision variable can be achieved by estimating the decision variable as a function of the 

level of damage being experienced in the facility instead of estimating the decision variable as a 

function of the level of deformation. Therefore, a new random variable, which corresponds to 

level of damage that can be experienced in a facility, was introduced into the PEER framework 

equation, Eq. (2.1). In PEER’s terminology this random variable has been called damage 

measure, DM. Consequently, the PEER framework equation, Eq. (2.1), has been modified as 

follows (Krawinkler and Miranda, 2004) 

∫∫∫ >=>=>=>=> )()|( )|()|()( imIMdimIMedpEDPPdedpEDPdmDMPddmDMdvDVPdvDVDV νν      (2.2) 

where )|( dmDMdvDVP =>  is the probability of exceedance of the decision variable, DV, 

conditioned to a damage state, DM, and )|( edpEDPdmDMP =>  is the probability of damage 

state, DM, exceeding dm, when the engineering demand parameter, EDP, is equal to edp. 
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When using Eq. (2.2) to estimate measures of seismic performance, damage measure is 

assumed to be a continuous random variable. However, for certain measures of seismic 

performance such as economic losses in individual building components that are often associated 

with discrete repair actions, it is more appropriate to assume that damage measures are discrete. 

For example, the replacement of an individual gypsum board in a partition represents a discrete 

repair action since one either replaces the board or not, but one cannot continuously replace the 

gypsum board in a partition. Therefore, it was proposed that economic losses in individual 

components are computed from the need to apply discrete repair and replacement actions that are 

triggered at discrete damage states (Miranda and Aslani, 2003a; Krawinkler and Miranda, 2004). 

Consequently, PEER framework equation for cases where damage states are assumed as discrete 

random variable has been modified as follows 

∑∫∫ >=>=>Δ=>=> )()|( )|()|()( imIMdimIMedpEDPPdedpEDPdmDMPdmDMdvDVPdvDVDV νν   (2.3) 

where one of the integrals in Eq. (2.2) is replaced by a summation to account for discrete damage 

states and )|( edpEDPdmDMPd =>  is replaced by )|( edpEDPdmDMP =>Δ  to incorporate 

the fact that damage states are considered as discrete random variables.  

Figure 2.1 summarizes various components of the PEER performance assessment 

methodology. PEER performance assessment methodology has been summarized in various 

publications. The reader is referred to Cornell and Krawinkler (2000), Krawinkler and Miranda 

(2004), Moehle and Deierlein (2004) for more information on the PEER performance assessment 

methodology. 
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Fig. 2.1. Components of PEER performance assessment methodology (Modified from Miranda, 2005). 
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2.2.2 Overview of PEER loss estimation methodology 

The aim of PEER’s loss estimation efforts is to describe the seismic performance of 

structures quantitatively by continuous variables rather than discrete performance levels such as 

those used in the FEMA-356 (ASCE, 2000) document. There are many possible measures of 

economic loss that can be used to describe seismic performance. A recent workshop organized in 

the context of the ATC-58 project concluded that while some stakeholders find it more useful to 

work with simple measures of economic losses in order to make their decisions, others prefer 

more complex measures of economic losses (ATC, 2003). In this study, different measures of 

economic loss were computed in order to illustrate how the PEER loss estimation methodology 

can satisfy the needs of a wide range of stakeholders. Ordered by increasing levels of complexity, 

the measures of economic losses in a building are as follows: 

Average economic loss for a given earthquake scenario: This measure of seismic 

performance is the expected value of the total loss in the building in a given earthquake scenario, 

where the scenario is defined by a given ground motion intensity, IM.  Hence, this measure of 

seismic performance corresponds to the expected value of the total loss conditioned on the 

ground motion having an intensity im, E[LT | IM=im].  

Expected economic loss for a family of earthquake scenarios: This measure of seismic 

performance provides the average loss in the building for a family of earthquake scenarios, and 

describes the variation of the loss as a function of increasing ground motion intensities. At the 

expense of more simulations, this measure of seismic performance describes average losses in a 

continuum of earthquake scenarios.  

Expected annual loss: By combining the expected loss in a family of scenarios with the 

mean annual frequency of exceedance of each scenario, this measure of seismic performance 

provides the average economic loss that is produced in the building every year. Owners, lending 

institutions, insurers, and other stakeholders can then quantitatively compare, for example, 

annual revenues versus expected annual losses. Similarly, they can compare annual earthquake 

insurance premiums to expected annual losses, etc. 

While measures of seismic performance previously described provide information on the 

expected values of economic losses (i.e., average losses) that can occur in a given scenario, in a 

family of scenarios, or that can occur every year, they do not provide information on how large 

these losses can become in a given scenario or in a given year. In other words, they do not 

provide information on the dispersion around those average losses.  In order to provide improved 

measures of seismic performance that provide information on the dispersion of the losses, the 

following measures of performance were also computed in PEER loss estimation methodology: 
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Probability of exceeding a certain dollar loss in a given earthquake scenario: This measure 

of seismic performance provides the probability of facing an economic loss larger than a certain 

dollar amount in an earthquake with intensity im, P(LT>lt|IM=im). This measure of seismic 

performance can also provide dollar losses associated with certain probabilities of being 

exceeded in a given earthquake scenario. For example, it can provide the dollar loss that has a 

10% probability of being exceeded in a given earthquake scenario. 

Probability of exceeding a certain dollar loss in a family of earthquake scenarios: This 

measure of seismic performance is similar to the previous one, but has been computed for a 

family of scenarios. Hence, it can provide variations of the probability of facing a loss larger than 

a certain amount, with increasing levels of ground motion intensity, or variations of the dollar 

loss associated with a probability of exceedance in a given scenario with changes in the severity 

of the earthquake scenario. 

Probability of having a loss equal to or larger than a certain amount: This measure of 

performance combines the probability of loosing more than a certain dollar amount in a given 

earthquake scenario (i.e., for a given value of IM) with the annual probability of exceeding a 

ground motion of an intensity equal or larger than im. It provides information on the annual 

probability of exceeding an economic loss larger than a certain dollar amount (e.g., the 

probability of loosing more than one million dollars due to earthquake damage in the structure). 

It can also provide dollar amounts associated with particular probabilities of being exceeded 

(e.g., the total dollar loss that has 1% probability of being exceeded in 50 years). 

In this study, a loss estimation methodology is proposed and developed using PEER 

performance assessment methodology to estimate each of the above measures of economic 

losses. Building loss has been estimated as a function of losses in structural and non-structural 

components with due consideration to the effects of various sources of uncertainty that contribute 

to the building loss. A summary of the proposed loss estimation methodology is presented below. 

A detail description of the proposed loss estimation methodology is presented and illustrated by 

applying it to a case study building in chapter 6.  

Using the total probability theorem, the expected loss in a building for an earthquake 

scenario with a ground motion intensity level of im, E[LT| IM=im], can be computed as 

[ ] [ ] ( ) [ ] ( )imIM|CPC|LEimIM|NCPimIM,NC|LEimIM|LE TTT =⋅+=⋅===       (2.4) 

where E[LT | NC,IM=im] is the expected loss in the building provided that collapse does not occur 

at the level of intensity of im, ( )imIM|NCP =  is the probability of non-collapse conditioned on 

IM, [ ]C|LE T  is expected loss in the building when the building collapses and ( )imIM|CP =  is 
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the probability that the structure will collapse under a ground motion with a level of intensity, im. 

The first term on the right hand side of this equation corresponds to the expected losses when 

there is no collapse, while the second term on the right hand side corresponds to the expected 

losses when collapse occurs. 

The expected total loss in the building provided that collapse does not occur at the level of 

intensity of im, [ ]imIM,NC|LE T = , is computed as the sum of the losses in individual 

components of the building as  
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where [ ]im|NC,IMLE j =  is the expected normalized loss in the jth component given that global 

collapse has not occurred at the intensity level im, aj is the expected value of the cost for the new 

component j and Lj is the normalized loss in the jth component, defined as the cost of repair or 

replacement in the component normalized by aj. Details on the computation of 

[ ]imIM,NC|LE T =  and [ ]imIM|LE T =  are given in chapter 6. 

It should be noted that as the number of identical components that have experienced the same 

level of damage increases the repair or replacement cost associated with each individual 

component decreases, since typically one subcontractor is in charge of repairing or replacing 

identical components. For example, the unit cost of replacing the gypsum board in partitions is 

cheaper when replacement of the gypsum board is required for 100 partitions in a building 

compared to the case the replacement of the gypsum board is required for 10 partitions in the 

building. This change in the unit cost of repair or replacement as a function of the number of 

identical components that have experienced similar damage can be incorporated by decreasing 

the expected value of the cost for the new component, aj, in Eq. (2.5), as a function of the number 

of identical components that the same damage state has occurred in them.  

The expected annual loss in the building, E[LT], is computed by integrating 

[ ]imIM|LE T = , over all possible levels of intensity as follows  

[ ] [ ] ( )∫ ∫
∞

− ⋅==
t

TT ddIM
dIM

IMdimIMLEeLE
  

0 0
  | τνλτ        (2.6) 

where e-λτ is the discounted factor of the loss over a reference time t (Rosenblueth 1976, Wen et 

al. 2001), λ is the discount rate per year, and dν (IM)/dIM is the derivative of the seismic hazard 
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curve at the site with respect to IM. The time period t can correspond to the design life of a new 

structure, the remaining life of an existing structure or another reference time period.  

The probability of loosing a certain dollar amount in a given scenario, ( )imIM|lLP TT =>  

can be computed as follows 

( ) ( ) ( ) ( ) ( )imIM|CPC|lLPimIM|NCPimIM,NC|lLPimIM|lLP TTTTTT =⋅>+=⋅=>==>        (2.7) 

where ( )imIM,NC|lLP TT =>  is the probability of having a loss in the building greater than a 

certain dollar amount, lT, provided that collapse has not occurred at the level of intensity of im, 

and ( )C|lLP TT >  is the probability of experiencing a loss greater than lT given that collapse has 

occurred in the building. If the probability distribution of the total loss in collapse and non-

collapse cases is known, then Eq. (2.7) permits computing the probability of exceedance of the 

total loss conditioned on a ground motion intensity level im.  

In this study, since non-collapse losses in the building are estimated as the sum of losses in 

individual components, according to the central limit theorem it was assumed that 

( )imIM,NC|lLP TT =>  is normally distributed given that the total non-collapse loss in the 

building is not dominated by few individual components. However, the probability of 

experiencing a loss greater than lT given that collapse has occurred in the building, ( )C|lLP TT > , 

is assumed to follow a lognormal distribution, since previous studies (Touran and 

Lerdwuthirong, 1997) have shown that the probability distribution function associated with the 

total cost of a building construction project is skewed. Therefore, two statistical parameters, 

namely mean and standard deviation of the building loss for non-collapse and collapse cases, are 

required to estimate ( )imIM,NC|lLP TT =>  and ( )C|lLP TT > . In this study, the dispersion of the 

loss when collapse has not occurred in the building and conditioned on the level of ground 

motion intensity, [ ]IMNCLT ,|σ , and the dispersion of the loss when collapse has occurred in the 

building, [ ]CLT |σ , have been estimated by incorporating the effects of two types of correlation. 

For the estimation of [ ]IMNCLT ,|σ , correlation between losses in individual components have been 

taken into account. Meanwhile for estimating [ ]CLT |σ the correlation between different 

construction cost items have been taken into account. 

The mean annual frequency of exceedance of a certain dollar loss can be computed by 

integrating [ ]imIM|lLP TT => , (Eq. 5.4), over all possible levels of ground motion intensity, as 

follows 
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For values smaller than 0.01, the mean annual frequency of exceedance of a loss lT is 

approximately equal to the probability of loosing more than a certain dollar amount lT in any 

given year, [ ]TT lLP > , hence Eq. (5.5) can be rewritten as 
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C h a p t e r  3  

ASSESSMENT OF THE STRUCTURAL 
RESPONSE AND EVALUATION OF 

GROUND MOTION INTENSITY 
MEASURES 

3.1 Introduction 

The uncertainty in the characteristics of future ground motions accounts for a significant 

portion of the uncertainty in the seismic response of the structure. Deterministic response 

analyses of structures are not capable of accounting for this type of uncertainty, whereas 

probabilistic analyses of structures provide a tool to quantify this uncertainty. Estimation of the 

uncertainty in the seismic response of structures is an essential step in Performance-Based 

Earthquake Engineering (PBEE) whose goal is to design facilities that satisfy the performance 

expectations of their owners. Implicit in PBEE when applied to buildings is the need to predict 

the performance of the structure, its non-structural components and contents for a full range of 

possible earthquake ground motion intensities. Depending on the use of a facility, its importance 

and the consequence of its failure, performance levels that the building must comply with are 

selected.  

In order to be able to predict the seismic performance of buildings or any other type of 

structure, it is first necessary to predict the response of the structure when subjected to 

earthquake ground motions of different levels of credible intensity. Applying a suite of 

earthquake ground motions, scaled to various levels of intensity to evaluate the performance of 

structures subjected to earthquakes was first conceptually proposed by Bertero (1977). Since 

then, many investigators have implemented this concept in various forms to estimate the 

response of structures in seismic regions. For example, Sues et al. (1984) presented a method to 
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determine the probabilities of a structure sustaining various levels of damage due to seismic 

activity during its lifetime. Bazzurro and Cornell (1994a, 1994b) used the results of response 

history analyses to calculate the annual probability of offshore platforms response, exceeding 

specific performance levels. Ellingwood (1994) studied probability-based limit states design 

methods for earthquake ground motions. Miranda (1997) used a suite of earthquake ground 

motion time histories scaled to increasing levels of intensity to investigate strength reduction 

factors of multi-degree-of-freedom (MDOF) structures. Wen (1995) provided a summary of 

design procedures based on multi-level probabilistic structural performance criteria. Han and 

Wen (1997) performed response history analyses on a simplified model of the structure to 

estimate limit-state probabilities in reliability-based design. Luco and Cornell (1998; 2000) used 

the results of nonlinear response history analyses to evaluate the behavior of fragile failure of 

moment resisting connections in steel buildings. In other studies, Cornell et al. (2002) proposed a 

closed-form solution to estimate the probability of exceedance of maximum interstory drift to 

assess the seismic performance of moment resisting frame buildings. 

Presented in this chapter is a procedure to obtain a probabilistic description of the structural 

response of buildings subjected to earthquake ground motions. The procedure uses the method of 

maximum likelihood to evaluate the probability parameters of the structural response at a given 

level of ground motion intensity. Nonlinear regression analyses are then performed to estimate 

the variations of the probability parameters with changes in the ground motion intensity. The 

proposed procedure has been illustrated using the results from nonlinear response history 

analyses of a seven-story reinforced concrete building. Two types of response parameters, 

namely interstory drift ratio at all stories of the building and peak floor acceleration at all floor 

levels of the structure were considered. Probabilistic estimations from the proposed procedure 

were then compared with those obtained from a simplified method recently proposed (Jalayer 

and Cornell, 2003; Cornell et al., 2002). Finally, different sources of approximation in a 

simplified procedure and their effects on the probabilistic estimates of the structural response 

were identified and discussed. 

3.2 Probabilistic Seismic Response Analysis 

The mean annual rate of exceedance of a structural response parameter, which is referred to 

as Engineering Demand Parameter (EDP), exceeding a certain level edp can be computed using 

the total probability theorem as follows 
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where P(EDP < edp | IM) is the probability that the structural response parameter is smaller than 

a certain level edp at the ground motion intensity, IM, and ν(IM) is the mean annual rate of 

exceedance of the ground motion intensity, IM.  

It should be noted that for small mean annual rates of exceedance (smaller than 0.02), the 

annual probability of exceedance of the EDP is numerically very close to the mean annual rate of 

exceedance of the EDP. Therefore, for small mean annual rates of exceedance Eq. (3.1) also 

provides a very good approximation to the annual probability of exceedance of EDP. 

The first factor in the integrand of Eq. (3.1) corresponds to the estimation of the probability 

of exceedance of a structural response conditioned on a given ground motion intensity. This 

conditional probability can be obtained from a Probabilistic Structural Response Analysis. The 

second factor represents the slope of the seismic hazard curve evaluated at an intensity, IM, 

which can be computed using a conventional Probabilistic Seismic Hazard Analysis (PSHA). 

Thus, this equation permits the integration of the results from structural analyses performed by 

structural engineers in the first factor with results from seismologists in the second factor. 

For Eq. (3.1) to be valid, either the conditional probability of occurrence of EDP should 

depend only on the ground motion intensity measure IM and not on the factors affecting the 

intensity measure itself, or response history analyses should be conducted using ground motions 

that are selected in a way such that those factors that affect the intensity measure are represented 

properly in the suite of ground motions. For example, if the intensity measure is a linear elastic 

spectral ordinate that depends primarily on the earthquake magnitude and the distance to the 

source, then, either the conditional probability of occurrence of EDP should not depend on 

earthquake magnitude nor on distance to the source, or the ground motions used for nonlinear 

response history analyses should be selected in a way such that different magnitudes and 

distances are represented properly in the suite of ground motions used. The procedure to verify 

the validity of this assumption has been discussed in section 3.7 of this chapter. 

Equations equal or similar to Eq. (3.1) have been used extensively in earthquake engineering. 

For example, Esteva (1980) used this approach to compute the probability of occurrence of 

earthquake losses. Sewell (1989) used it to evaluate the probability of exceedance of nonlinear 

damage thresholds. Shome and Cornell (1999) used it for the estimation of the likelihood of 

exceeding of a damage measure. Ordaz et al. (2000) used an equation similar to Eq. (3.1) to 

compute earthquake losses in the structures in Mexico City. 
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3.3 Proposed Approach for Probabilistic Seismic Response 
Analysis 

3.3.1 Estimation of the probability parameters of the structural response 

at a given level of ground motion intensity 

In this study it is assumed that the structural response, EDP, at a given level of ground 

motion intensity is lognormally distributed as follows  

⎥
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           (3.2) 

in which Φ is the cumulative normal distribution function, ( )EDPLn  and EDPLn σ  are logarithmic 

mean and logarithmic standard deviation of the EDP , respectively, evaluated at a given IM. A 

close approximation to ( )EDPLn can be computed as the natural logarithm of the sample counted 

median for lognormally distributed samples. 

Previous studies (Shome and Cornell; 1999, Song and Ellingwood, 1999; Shinozuka et al., 

2000; Sasani and Der Kiureghian, 2001) have verified that interstory drift at a given level of 

ground motion intensity cab be assumed to be lognormally distributed. Miranda and            

Aslani (2003a) have shown that peak floor acceleration which is a parameter that not only 

involves structural motion relative to the ground but also absolute (or total) motion can also be 

assumed as lognormally distributed.  

The method of maximum likelihood is used to estimate the parameters of the lognormal 

distribution, ( )EDPLn  and EDPLn σ , from the results of nonlinear response history analyses at a 

given ground motion intensity. However, as the structure approaches the state of global collapse, 

a small increment in the ground motion intensity will produce very large lateral deformations. 

Response near collapse may be very large and will not follow the probability distribution of the 

rest of the sample. Consequently, to estimate the parameters of the probability distribution of the 

EDP at high levels of intensity, it is required to identify outliers corresponding to responses near 

collapse prior to using the maximum likelihood method. At high levels of ground motion 

intensity, including all deformations in the sample when computing the parameters of the 

probability distribution can lead to significant errors in the estimation of the conditional 

probability distribution of the structural response, P ( EDP > edp | IM).  
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In statistics, an observation which deviates so much from other observations as to arouse 

suspicions that it was generated by a different mechanism is called an outlier (Hawkins, 1980). 

Different approaches can be used for detection and treatment of outliers in statistical samples, 

(Hawkins, 1980; Rousseeuw and Leroy, 1987; Barnet and Lewis, 1984; Grubbs, 1969). In this 

study the approach developed by Ferguson to identify multiple outliers in a sample          

(Grubbs, 1969), is adopted. In this approach, the coefficient of skewness of the sample is 

computed and is compared against significance levels estimated for the coefficient of skewness. 

More details in this regard are presented in section 3.4.4.1. 

3.3.2 Estimation of the probability parameters of the structural response 

as a function of the level of ground motion intensity 

Nonlinear regression analyses are performed to estimate parameters of the functions that 

compute ( )EDPLn  and EDPLn σ  at different levels of ground motion intensity, IM. To capture 

variations of ( )EDPLn  and EDPLn σ  as a function of the ground motion intensity level, these 

parameters are first estimated at three levels of intensity. It is recommended that two of these 

levels of intensity correspond approximately to small levels of intensity that correspond to the 

initiation of losses in the building and to large levels of intensity which is near building collapse, 

respectively, and the third one corresponds to approximately the average of the other two 

intensities. 

In the proposed method the variation of the median structural response with changes in 

ground motion intensity is given by 

3)(21
ααα IMEDP IM=                  (3.3) 

where IM is the ground motion intensity measure, and parameters α1, α2 , and α3 are constants 

that are computed from a regression analysis with three known IM - EDP  pairs. The function to 

represent changes in logarithmic standard deviation of structural response parameters with 

changes in ground motion intensity is given by 

2
321 )()( IMIMEDPLn βββσ ++=           (3.4) 

where parameters β1, β2,  and β3 are constants that are computed  from a regression analysis with 

the three known IM - EDPLn σ  pairs.  
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3.4 Implementation of the Proposed Procedure to a Case Study 
Building 

The proposed procedure was evaluated by applying it to a seven-story reinforced concrete 

building. Nonlinear response history analyses are performed to estimate the response of the 

structure. The main purpose of performing nonlinear response history analyses was to estimate 

the response of the structure for the whole range of intensities that can cause damage in the 

structure. This is specifically useful for the case of loss estimation, which is our final goal in this 

study. The detailed description of the case study building and the earthquake ground motions 

used for the nonlinear response history analyses are provided in Appendices A and B, 

respectively. 

3.4.1 Developed model for the case study building 

Based on the original structural drawings of the building, a model was developed for the 

longitudinal direction. The model consists of an exterior frame linked to an interior frame by 

axially rigid links, such that both types of frames undergo the same lateral displacement. Some of 

the most relevant modeling assumptions are: (a) Strength and stiffness of all members was based 

on moment-curvature relationships that considered the presence of gravity loads. For each 

element in the structure with different structural properties a moment curvature relationship is 

developed. A bilinear curve is then fit to the developed moment curvature relationship. The 

stiffness and the strength of the element is then computed on the basis of the bilinear fit;           

(b) Strength of reinforcing bars and concrete were increased 25% from their nominal values, 

respectively, to account for material overstrength (Li and Jirsa, 1998; Islam, 1996; MacGregor, 

1997; ACI-318, 2002; Scott et al., 1982); (c) Half of the connection dimension was assumed 

rigid in beam-column connections, and the slab was considered to contribute to both strength and 

stiffness of the beams with an equivalent width of one twelfth of the span length; (d) The 

equivalent slab width of interior slab-column connections was based on the recommendations by 

Hwang and Moehle (1993); (e) The effect of gravity loads and the second order deformations,    

P – Δ effects, was considered using a geometric stiffness formulation. The model of the building 

with the above assumptions had a first period of vibration equal to 1.59 s (Miranda et al., 2002). 

The 25% increase in yield strength in reinforcing bars above the nominal values is based on 

two factors: (1) the mean yield strength from mill tests is usually larger than the nominal value 

(e.g. Mirza and MacGregor (1979) reports mean values from mill tests in North America that are 

22% and 18.3% higher than nominal yield strength for Grade 40 and Grade 60 rebars, 
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respectively.); and (2) increases in yield strength associated to strain rate effects caused by much 

higher strain rates in earthquake loading compared to those used in standardized test                

(e.g. ACI committee 439 (1969) reports increments between 5% and 14%, similarly based on 

tests by Allen, Mirza and MacGregor (1979) recommend a mean increment of 11.2% for     

Grade 40 bars.). Increases in concrete compressive strength above its nominal value are 

produced, among other factors, by: (1) quality control requirements that concrete producers must 

comply with to avoid concrete rejection, (e.g. when data is not available to establish a standard 

deviation the ACI committee 318 (2002), requires average compressive strength between 28% 

and 33% higher than the nominal specified strength.), (2) aging effects of concrete, (for a 

structure as old as the one analyzed here ACI committee 209 (1982) recommends an 18% 

increase based on the general equation for predicting compressive strength proposed in Branson 

and Christiason (1971), and (3) strain rate effects in earthquake loading compared to the strain 

rate used in standardized test of compressive strength of the concrete, (Jones and Richart (1936) 

report an approximately 12% increment in compressive strength from the rate of standard testing 

to 1000 psi/sec.). On the basis of above factors Li and Jirsa (1998) used a 33% increase in 

concrete compressive strength with respect to its nominal compressive strength when analyzing 

the same structure. However, the concrete strength in the structure tends to be somewhat lower 

than the cylinder strength due to consolidation, aggregate separation and other factors such as: 

the effects of different placing, and curing procedures; the effects of vertical migration of water 

during the placing of concrete in deep members; the effects of difference in size and shape; and 

the effects of different stress regimes in the structures and specimens (Mirza et al., 1979; Bartlett 

and MacGregor, 1996; Bartlett and MacGregor, 1999). Consequently, in this study an increment 

in concrete strength of 25% which is somewhat smaller than that used by Li and Jirsa (1998), 

was used. 

3.4.2 Earthquake ground motions used in this study  

Structural responses from applying a suite of 40 earthquake ground motions to the developed 

model of the building are used in the proposed approach. These ground motions are selected 

from a larger suite that contains 79 earthquake ground motions. The larger suite of accelerograms 

is used to evaluate the proposed procedure. 

All of the 79 earthquake ground motions recorded in various earthquakes in California. All 

ground motions were recorded on free field sites that can be classified as site class D according 

to recent NEHRP seismic provisions (BSSC, 1997). Ground motions have been carefully 

selected by Medina and Krawinkler (2001) from the Pacific Earthquake Engineering Research 



Chapter 3  Assessment of the structural response and … 27

(PEER) Center strong motion database where all ground motions have been processed with the 

same procedure. The earthquake magnitudes for the selected records ranges from 5.8 to 6.9 with 

the closest distances to rupture varying from 13 km to 60 km. Fig. 3.1 shows the distribution of 

magnitude and distance for the earthquake ground motions used in this study. A list of ground 

motions used in this study has been presented in Appendix B. 

3.4.3 Seismic hazard curve at the site of the case study building 

Fig. 3.2 shows the seismic hazard curve corresponding to the site where the building is located in 

southern California, as computed by the United States Geological Survey (Frankel et al., 2000; 

Frankel and Leyendecker, 2001). Here the parameter used to represent the intensity of the ground 

motion at the site is the spectral displacement of a linear elastic 5% damped single-degree-of-

freedom system with a period of vibration equal to the fundamental period of vibration of the 

building. It can be seen that when plotted in log-log paper this curve is not linear. In the proposed 

approach, the actual seismic hazard curve at the site is used to compute the probability of 

exceedance of the EDP, as shown in Fig. 3.2.  

3.4.4 Conditional probability distribution of the EDP  

Two types of engineering demand parameters were evaluated. The first type is the maximum 

interstory drift ratio at all stories, IDR1 to IDR7. This demand parameter is very well correlated 

with practically all kinds of structural damage and with many kinds of damage to non-structural 

components. The second type of demand parameter considered was the maximum (peak) 

absolute floor acceleration at all floor levels, PFA2 to PFA8. This second type of response 

parameter can be used to estimate the damage to acceleration-sensitive nonstructural components 

and building contents.  

3.4.4.1 Verifying the lognormality assumption for engineering demand parameters 

considered in this study 

Fig. 3.3a shows the probability of occurrence of maximum interstory drift ratio at the first 

story of the building computed by counting the sorted maximum values in each ground motion 

scaled to a spectral displacement equal to 20 cm (8 in). It can be seen that for this level of ground 

motion intensity there is a factor of nearly four between the minimum and maximum computed 

values of the peak interstory drift ratio at the first story, showing that the variability of the 

structural response for a given intensity can be very large. It can be seen that the probability 

distribution is clearly asymmetric. In order to verify whether a lognormal probability distribution  
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Fig. 3.1. Distribution of magnitudes and the closest distances to rupture of ground motions used in this 

study. 
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Fig. 3.2. Comparison of seismic hazard curve computed from a Probabilistic Seismic Hazard Analysis 

(PSHA) with that computed with Eq. (3.5) 

can be assumed, a Kolmogorov-Smirnov goodness of fit test (Benjamin and Cornell, 1970) was 

conducted. Also shown in Fig. 3.3a is the graphic representation of this test, shown as K-S test, 

corresponding to a 10% significance level. All points, even those near the tails, lie between the 

limits of acceptability suggesting that, as previously noted by other researchers, the lognormal 

probability distribution assumption is reasonable for this type of structural response parameter. 
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The goodness-of-fit test was done at all story levels and at different levels of intensity with 

similar results.  

The same evaluation procedure was applied to peak floor acceleration at all levels and at 

different levels of intensity in order to determine whether lognormality can also be assumed for 

this other type of demand parameter. An example is shown in Fig. 3.3b for the peak roof 

acceleration corresponding to a ground motion intensity level of 20 cm (8 in). For this level of 

intensity there is almost a factor of three between the minimum and maximum computed peak 

roof acceleration. It can be seen that, even though the fit with the lognormal probability 

distribution is not as good as that for the interstory drift ratio, still all points lie between the limits 

of acceptability. Similar results were obtained for other floor levels and other levels of ground 

motion intensity. Hence, it is concluded that the lognormal assumption is also reasonable for 

peak floor accelerations.  
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Fig. 3.3. Evaluation of lognormal distribution assumption for the conditional probability distribution of 

t9he structural response at 20 cm elastic spectral displacement; (a) Inter story drift ratio at the first story, IDR1 

(b) Peak roof acceleration, PFA roof. 

As explained earlier, as the structure approaches the state of global collapse, a small increment in 

the ground motion intensity will produce very large lateral deformations. Response near collapse 

may be very large and will not follow the probability distribution of the rest of the sample. 

Consequently, to estimate the parameters of the probability distribution of the EDP at high levels 

(a) (b) 
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of intensity, it is required to identify outliers corresponding to responses near collapse prior to 

using the maximum likelihood method. Fig. 3.4 presents an example on the benefits of 

identifying and removing outliers in the sample prior to computing the parameters of the 

conditional probability distribution of the interstory drift ratio at the first story, IDR1, at a spectral 

displacement of 65 cm (26 in) for the case study building. As shown in the figure the lognormal 

distribution computed using parameters obtained without removal of outliers differs significantly 

from the empirical probability distribution of the sample. Whereas when outliers are removed, 

the parameters computed with the method of maximum likelihood will lead to a probability 

distribution that closely matches the empirical distribution of the sample. 
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Fig. 3.4. Effects of detecting outliers and rejecting them on fitting of the conditional probability 

distribution of the interstory drift ratio at the first story, IDR1, at 65 cm elastic spectral displacement, Sd. 

3.4.4.2 Variation of probability parameters with changes in ground motion intensity 

Figs. 3.5 and 3.6 show variations of the median structural response, EDP  with changes in the 

level of ground motion intensity. Although EDP’s were computed in all levels of the building, 

only interstory drift ratios corresponding to the first, fourth and seventh stories and peak floor 

accelerations corresponding to the second, fifth and eight floors are presented here to illustrate 

these variations. As shown in these figures median structural response parameters typically 

increase with increasing ground motion intensity. However, the rate of increase changes 

depending on various factors such  as:  the  type  of  structural  response  parameter,  the  location  
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Fig. 3.5. Fitting the variations of the probability parameters of the interstory drift ratio, IDR, with 

changes in the intensity level at three stories of the case study building; (a) Median IDR at 7th story, IDR7 , 

(b) logarithmic standard deviation of IDR7 (c) Median IDR at fourth story, IDR4 , (d) logarithmic standard 

deviation of IDR4 (e) Median IDR at first story, IDR1 , (f) logarithmic standard deviation of IDR1 
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Fig. 3.6. Fitting the variations of the probability parameters of the peak floor accelerations with changes 

in the intensity level at three floor levels of the case study building; (a) Median peak floor acceleration at 

roof, PFA8 , (b) Logarithmic standard deviation of PFA8, (c) Median peak floor acceleration at 5th floor, 

PFA5 , (d) Logarithmic standard deviation of PFA5, (e) Median peak floor acceleration at 2nd floor, PFA2 , (f) 

Logarithmic standard deviation of PFA2 

(c) 

(e) 
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(f) 

(d) 

(b) 
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within the structure and the level of ground motion intensity. Furthermore, it can be seen that the 

rate of increase of the counted median of the structural response parameter in some cases 

increases and in other cases decreases as the level of ground motion intensity increases. For 

example, in Fig. 3.5a it can  be  seen  that  median  interstory drift ratio in the seventh floor of the 

building does not grow significantly for ground motions with spectral  displacements  larger  than 

30 cm (12 in), while in the first story, Fig. 3.5e,  large increases in the median interstory drift 

ratio are produced beyond this level of ground motion intensity. Meanwhile, for the fourth story, 

Fig. 3.5c, the rate of increase of interstory drift ratio with increasing ground motion intensity 

remains practically constant. In the case of peak floor accelerations, the rate at which this 

parameter increases with increasing levels of ground motion intensity remains practically 

constant for the second and fifth floors while this rate decreases in the eighth floor as the ground 

motion intensity increases. 

Logarithmic standard deviations at various levels of ground motion intensity are also shown 

in Figs. 3.5 and 3.6 for interstory drift ratios and peak floor accelerations, respectively. It can be 

seen that unlike EDP , the logarithmic standard deviations, EDPLn σ , do not necessarily increase 

with increasing levels of ground motion intensity. For example, while the logarithmic standard 

deviation of interstory drifts increases in the first and fourth stories as the ground motion 

intensity increases, in the seventh story the variability of the interstory drift decreases sharply as 

the ground motion intensity increases. This is the result of concentrations of deformation 

demands in the lower stories that limit the increase of story deformations in the upper stories for 

large levels of ground motion intensity. In some cases the variation of logarithmic standard 

deviation with changes in ground motion intensity can be very complicated showing an 

increasing trend for low level of ground motion intensity and a decreasing trend for larger levels 

of ground motion intensity (see for example, the logarithmic standard deviation on the maximum 

floor acceleration in the fifth floor, Fig. 3.6d). 

Figs. 3.5 and 3.6 show the fit obtained using Eqs. (3.3) and (3.4). It can be seen that in most 

cases these equations capture very well and relatively well the variations of EDP and EDPLn σ , 

respectively, with changes in the level of ground motion intensity.  

Once the variation of parameters of the probability distribution of the structural responses 

has been obtained, it is possible to compute and plot the response parameter at any point in the 

structure for any given level of ground motion intensity and for any level of conditional 

probability. An example for median interstory drift ratios in the building conditioned to various 

levels of ground motion intensity is shown in Fig. 3.7a. It can be seen that for low levels of 
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ground motion intensity the maximum interstory drift occurs at the fifth floor, but as the ground 

motion intensity increases the location of the maximum interstory drift moves toward the bottom 

of the building. Furthermore, beyond ground motion intensities of 30 cm, very little interstory 

deformation takes place in the upper two stories. An example for peak floor accelerations at a 

75% probability of occurrence, 75th percentile, is shown in Fig. 3.7b. It can be seen that the 

distribution of accelerations changes significantly with the level of  ground  motion  intensity.  At  
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Fig. 3.7a. Variations of the median interstory drift ratio, IDR,  along the building height at different levels 

of ground motion intensity. 3.7b. Seventy fifth percentile of peak floor acceleration, PFA, along the building 

height at different levels of ground motion intensity. 
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low levels of ground motion intensity, all floors experience similar peak accelerations, whereas at 

higher levels of ground motion intensity the maximum acceleration in this building are expected 

to occur at the ground floor. 

3.4.5 Mean annual rate of exceedance of the structural response 

Mean annual rate of exceedance of the structural response has been calculated for interstory 

drift ratios at all story levels and for peak floor acceleration at all floor levels in the building. Fig. 

3.8 shows three examples corresponding to the interstory drift ratios at first and seventh stories 

and the peak floor acceleration at the roof. Results are computed from response history analyses 

of 40 earthquake ground motions scaled to intensities of 5.0 cm, 30 cm and 60 cm (2, 12 and 24 

inches). The median and logarithmic standard deviations were computed using the maximum 

likelihood method. The variations of these parameters with changes in ground motion intensity 

were computed with Eqs. (3.3) and (3.4). The mean annual rate of exceedance of the structural 

responses was then calculated using numerical integration of Eq. (3.1).  

3.5 Evaluation of the Proposed Approach 

The results from the proposed procedure are compared with those of a more accurate 

procedure that will be referred here as ‘exact’ procedure. Three major improvements are 

considered in the ‘exact’ procedure compared to the proposed procedure. First, the number of 

earthquake ground motions is increased from 40 to 79. Second, for each ground motion the 

response of the structure was obtained at eight different intensity levels, by scaling the ground 

motions to have a linear elastic spectral displacement ordinate equal to: 2.5, 5, 10, 20, 30, 40, 50 

and 60 cm (1, 2, 4, 8, 12, 16, 20 and 24 in). On the basis of these two improvements the number 

of response history analyses in the ‘exact’ procedure is increased to 632 as opposed to 120 runs 

in the proposed procedure. Finally, the variations of the median and logarithmic standard 

deviation of the structural response, EDP  and EDPLn σ  , with changes in the level of ground 

motion intensity are computed using higher order (5th order and above) polynomials by 

performing nonlinear regression analyses. 

Fig. 3.8 presents a comparison between the results of the mean annual rate of structural 

response exceeding different levels of deformation computed from the proposed procedure with 

those of the ‘exact’ procedure. Figs. 3.8a and 3.8b provide this comparison for interstory drift 

ratio at the first and seventh stories, IDR1, IDR7. Fig. 3.8c shows a similar comparison for the 

peak floor acceleration at the roof level, PFAroof. As shown in these figures, the results from the 



Chapter 3  Assessment of the structural response and … 36

proposed procedure are numerically very close to those computed using the ‘exact’ procedure, 

except for the PFAroof. Preliminary investigations on identifying the source of this significant 

difference suggest that 40 ground motions is not adequate to estimate the mean annual rate of 

exceedance of the peak floor acceleration at that level of deformation. 
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Fig. 3.8. Mean annual rate of exceedance of the engineering demand parameter, EDP; (a) Interstory drift 

ratio at the first story , IDR 1, (b) Interstory drift ratio at the seventh story , IDR 7, (c) Peak floor acceleration 

at roof, PFAroof 
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3.6 Comparison of the Proposed Approach with SAC Approach 

Cornell et al. (2002) obtained a closed-form solution to solve the integral in Eq. (3.1) which 

has also been adopted by the SAC committee. The following four simplifying assumptions were 

considered in deriving the closed-form solution:  

First, instead of using a full representation of the seismic hazard at the site from a PSHA to 

estimate the mean annual rate of exceedance of the seismic hazard, ν (IM) in Eq. (3.1), it is 

assumed that the seismic hazard curve has the following power form  

( ) ( ) k
aa SkS −= 0υ                 (3.5) 

where k0 and k are constants, and Sa is the elastic spectral acceleration estimated at the first 

period of vibration of the MDOF model, T1, and is equal to 
2

1

24
T

Sd
π . Eq. (3.5) implies that the 

seismic hazard curve is assumed to be linear when plotted in log-log paper.  

Second, similarly to the proposed procedure, it is assumed that the conditional probability 

distribution of the structural response at a given level of ground motion intensity is lognormal. 

Third, instead of using Eq. (3.3), the following functional form is assumed for the variations 

of the median of the response, EDP , with changes in the level of intensity  

( )b
aSaEDP=              (3.6) 

where a and b are constants, that control the slope and degree of nonlinearity, respectively.  

Finally, instead of using Eq. (3.4) to capture the variation of the logarithmic standard 

deviation, EDPLn σ , with changes in the intensity level, the logarithmic standard deviation of the 

structural response is assumed to remain constant with changes in the ground motion intensity 

(with changes in Sa). 

On the basis of the above simplifying assumptions, the mean annual rate of exceedance of 

the structural response, EDP, can be computed as 
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The results computed from Eq. (3.7) are shown in Fig. 3.8. As can be seen in the figure, the 

mean annual rates estimated from Eq. (3.7) are significantly different from what estimated using 

the proposed procedure or the ‘exact’ procedure. To explore the main sources of difference 
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between the results of the closed-form solution and those of the proposed and ‘exact’ procedures, 

the effects of three simplifying assumptions in the closed-form solution are investigated; (a) 

approximation in the estimation of the variation of the median structural response, EDP ,  with 

changes in ground motion intensity; (b) approximation in the estimation of the variation of the 

logarithmic standard deviation of the structural response, EDPLn σ , with changes in ground motion 

intensity; and (c) approximation in the estimation of the mean annual rate of exceedance of the 

seismic hazard.  

Fig. 3.9a illustrates the first source of approximation by comparing the variations of EDP  of 

the interstory drift ratio in the first story at different levels of ground motion intensity computed 

with Eq. (3.3) with the one computed with Eq. (3.6). It can be seen that even though Eq. (3.6) has 

a relatively good fit, for this particular example at the first story, it underestimates and 

overestimates the median at small levels of intensity and large levels of intensity, respectively. 
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Fig. 3.9. Variations of parameters of the conditional probability distribution of the interstory drift ratio at 

the first story, IDR1, with changes in the ground motion intensity: (a) Median interstory drift ratio, (b) 

Logarithmic standard deviation of IDR1.  

Fig. 3.9b depicts the second source of approximation, comparing the constant global measure 

of logarithmic standard deviation to the one computed with Eq. (3.4) for the interstory drift ratio 

at the first story. It can be seen that for this range of ground motion intensities the level of 

logarithmic standard deviation of the interstory drift ratio can change by a factor of four, such 

that, even if an average constant logarithmic standard deviation is assumed, errors by a factor of 

two in the level of logarithmic standard deviation can be produced for small and large levels of 

ground motion intensity.  

(a) (b) 
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The third source of approximation is presented in Fig. 3.2, which compares the hazard curve 

computed by performing a PSHA at the site with the one suggested by Eq. (3.5). Kennedy and 

Short (1994) suggested that the simplifying model can be replaced with the actual hazard curve at 

the site over any ten-fold difference in exceedance rates, which as shown in this figure, is a 

reasonable assumption. However, there are situations in which one may be interested in 

computing a relatively wide range of response quantities which are produced by ground motion 

intensities associated with more than a ten-fold difference in exceedance rates. This is 

particularly true in loss estimation where one is interested in ground motions associated with 

small probabilities of causing damage in a structure to those that have very high probabilities of 

causing total damage in the structure (total collapse). In these situations, assuming that the 

seismic hazard curve is linear when plotted in log-log paper may no longer be valid. For 

example, the range of ground motion intensities that are of interest for this building are marked 

between the vertical dotted lines in Fig. 3.2. This range corresponds to the intensity that has a 

small probability of triggering nonstructural damage in the building and the one that has a large 

probability of producing the collapse of the structure. From this figure it is clear that for this 

range of ground motion intensities, the linear assumption for the seismic hazard curve is 

inadequate to approximate the mean annual rare of exceedance of the ground motion intensity. It 

should be noted that in the case of more ductile structures the range of interest can be much 

larger as the structure will be able to undergo significantly larger ground motion intensities 

without collapse. 

In order to identify the effects of each one of these sources of approximation on the 

estimation of the mean annual frequency of exceedance of the structural response, ν (EDP), three 

sensitivity analyses were conducted in which each possible source of approximation was 

introduced separately to the ‘exact’ procedure explained earlier. In analysis 1 the simplified 

seismic hazard was used. This analysis permits to investigate the effect of using Eq. (3.5) to 

approximate the seismic hazard curve on the mean annual rate of exceedance of the structural 

response. The results of this analysis are shown in Fig. 3.10 together with the results from the 

‘exact’ procedure for the interstory drift ratio at the first story, IDR1. It can be seen that the 

approximation in the hazard curve causes a significant overestimation of the mean annual rate of 

exceedance of IDR1 at levels of deformation smaller than 2.3%. At larger levels of deformation, 

however, this source of approximation causes smaller levels of underestimations of the mean 

annual rate of exceedance of IDR1. 

In analysis 2 the approximate (constant) logarithmic standard deviation was used to estimate 

ν (IDR1). Fig. 3.9b shows that assuming constant logarithmic standard deviation leads to 
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overestimation of logarithmic standard deviation for small levels of intensities and to 

underestimation of logarithmic standard deviation for large levels of intensity. Therefore, as can 

be seen in Fig. 3.10 approximation in the level of logarithmic standard deviation causes 

overestimation of the mean annual rate of exceedance of the response at drift levels smaller than 

4% and underestimations of the mean annual rate at drift levels larger than 4%. From comparing 

the results of analysis 2 with those of the ‘exact’ procedure, it can be understood that at larger 

levels of deformation the effects of approximating the dispersion on the ν(EDP), decreases. 
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Fig. 3.10. Effects of the three simplifying assumptions on the mean annual rate of exceedance of the 

interstory drift ratio at the first story, IDR1. 

In analysis 3, the variations of EDP  with changes in the intensity level are estimated from 

Eq. (3.6). It can be seen that using Eq. (3.6) leads to significant underestimations of the mean 

annual rate of exceedance of IDR1 for interstory drifts less than 2% and to overestimations for 

interstory drifts greater than 2% and smaller than 4%. At IDR1 larger than 4%, this 

approximation estimates ν(EDP) within an acceptable range of the ν(EDP) estimated from the 

‘exact’ approach. 

On the basis of the above sensitivity analyses, it can be concluded that the main source of 

difference in the mean annual rate of exceedance of IDR1 using the closed-form solution from 

those of the proposed procedure, Fig. 3.8a, is produced by the overestimation of the seismic 
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hazard curve and by the overestimation of logarithmic standard deviation as can be seen in Figs. 

3.9b and 3.2, respectively. However, this approximation is partially compensated by 

underestimation of logarithmic mean of the response for ground motion intensities between 2 cm 

and 18 cm as can be seen in Fig. 3.9a. 

While it is possible to find many situations in which the three main approximations in Eq. 

(3.7) lead to small errors or to larger errors that partially compensate for each other, there are 

other situations in which the use of this equation can lead to significant errors, specially when 

used in combination with a wide range of ground motion intensities. Fig. 3.8b compares the 

results computed with Eq. (3.7) to the results of the ‘exact’ procedure for the interstory drift ratio 

in the seventh floor, IDR7. It can be seen that for drift ratios less than 0.7% and for drift ratios 

greater than 1.2% the probability of exceedance computed with the simplified approach for the 

seventh floor is much larger than the one calculated from the ‘exact’ procedure. For example, the 

probability of the seventh story drift ratio exceeding 0.5% computed with Eq. (3.7) is 

approximately three times greater than the one calculated with the ‘exact’ procedure. This large 

difference is produced by an overestimation of the logarithmic mean and of the seismic hazard 

curve for small levels of ground motion intensity.  

Fig. 3.8c provides a comparison between the mean annual rate of exceedance of the peak 

roof acceleration, computed with Eq. (3.7) and the one calculated with the ‘exact’ procedure. As 

can be seen in this figure, for floor accelerations less than 0.6g and greater than 0.8g the results 

computed with Eq. (3.7) are larger and in some cases much larger than those from the ‘exact’ 

procedure. For example, the mean annual rate of roof acceleration exceeding 0.3g, computed 

with Eq. (3.7) is more than one order of magnitude larger than the one calculated with the ‘exact’ 

procedure.  

3.7 Evaluation of Ground Motion Intensity Measures for Structural 
Response Assessment 

In previous sections an approach was proposed and explained that can be used for the 

probabilistic estimation of Engineering Demand Parameters, EDP’s, as a function of the 

variations in the intensity of the ground motion which is a primary step in Performance-Based 

Seismic Design (PBSD). Elastic spectral displacement evaluated at the first period of vibration of 

the structure was assumed to be the selected measure of ground motion intensity without 

discussing other alternatives that can be used as ground motion intensity measures. The selection 

of the measure of ground motion intensity challenges both researchers and practitioners, since an 
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appropriate intensity measure, IM, can significantly decrease the runtime of the estimation of the 

probability parameters of EDP and can lead to more reliable evaluations of the seismic 

performance of the facility. 

Researchers have suggested various measures of ground motion intensity to be used in 

PBSD. The use of the elastic spectral ordinate evaluated at the fundamental period of vibration of 

a structural system, which is used in the current state of practice and research in probabilistic 

seismic response estimation is proposed by a significant body of previous work, Kennedy et al. 

(1984), Sewell (1988). Other researchers have suggested the use of inelastic spectral ordinates in 

force-based PBSD, Sewell (1988), Nassar and Krawinkler (1991), Miranda (1993a, 1993b), 

Collins et al. (1996). Shome et al. (1998) recommended that scaling ground motions to a given 

level of spectral ordinate at the fundamental period of vibration significantly decreases the 

variability in the maximum demand observed in the structural system without introducing any 

statistical bias into the evaluation of seismic response parameter. In another study, Cordova et al. 

(2000) proposed an intensity measure that accounts for period softening to reduce record-to-

record variability at large levels of maximum interstory drift ratio, drift demands larger than 5%, 

for composite structures. Luco and Cornell (2003) investigated the effects of six different 

intensity measures on the estimation of the maximum interstory drift ratio for moderate-to-long 

period buildings using the concepts of efficiency and sufficiency for an intensity measure. Conte 

et al. (2003) performed a detailed study on nonlinear ground motion intensity measures for 

Single-Degree-Of-Freedom (SDOF) systems using 861 ground motion records. Taghavi and 

Miranda (2003) investigated the effects of five intensity measures on the peak floor acceleration 

in linear elastic structures using a two-beam model. Recently, Giovenale et al. (2004) studied 

various ground motion intensity measures on SDOF systems.  

Almost all previous studies on IM selection have either dealt only with the response of SDOF 

systems or have concentrated on the peak interstory drift in Multi-Degree-Of-Freedom, MDOF, 

systems occurring anywhere in the structure. Estimation of economic losses or loss functionality 

in buildings, however, requires that intensity measures be evaluated in connection with interstory 

drift ratio at all stories, IDRi, and peak floor acceleration at all floor levels, PFAi. Furthermore, 

almost all of the above studies have concentrated on the estimation of global measures of 

dispersion of seismic response and have not considered the variations of dispersion with changes 

in the level of ground motion intensity. 

Another important aspect in evaluation of structure-specific IM’s is the dependency of 

structural response parameters on other seismological factors, such as its magnitude and source-

to-site distance. This aspect can significantly affect the level of complexity of the probabilistic 
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estimation of the structural response and eventually impacts the runtime of PBSD. Various 

studies have looked at the effects of various seismological factors on the estimation of the 

structural response. Sewell (1989) studied the influence of earthquake magnitude and distance on 

an inelastic damage factor, representing the level of damage in the structure. Miranda (1991, 

1993c, 2003) studied the effect of magnitude and distance on the strength reduction factors and 

inelastic displacement ratios for systems undergoing different levels of displacement ductility, 

and more recently for inelastic displacement ratios for constant relative strengths (Ruiz-Garcia 

and Miranda, 2003).  

In the context of loss estimation, it is observed that moderate levels of ground motion 

intensity significantly contribute to direct economic losses in buildings (Miranda et al. 2004). 

Hence, it is important to evaluate intensity parameters with the objective of minimizing the 

dispersion of the structural response at those levels of deformation that contribute the most to 

economic losses in buildings. To the author’s knowledge no study has evaluated structure-

specific intensity parameters with the goal of selecting the intensity parameters that introduce the 

least amount of dispersion to response parameters within the range of deformations that 

contribute the most to economic losses. Furthermore, the minimization procedure should be 

performed for IDRi, since it is closely correlated to damage to all structural components and to 

drift-sensitive non-structural components and for PFAi, since it is very well correlated with 

damage to acceleration-sensitive non-structural components.  

The objective in this study is to evaluate four structure-specific parameters of ground motion 

intensity using the results from response history analyses in the context of earthquake loss 

estimation in buildings. Two types of structural responses are investigated; interstory drift ratio at 

each story, maximum interstory drift ratio in the building, and peak floor acceleration at each 

floor level. The response history analyses are performed on an MDOF model of a seven-story 

case study building using 79 ground motion accelerograms. Two statistical parameters for each 

structural response are evaluated; the counted median and the dispersion. The four parameters of 

intensity are evaluated by comparing the statistical parameters of the structural response 

estimated from the MDOF model, when the accelerograms are scaled to each of the intensity 

parameters at seven different levels of intensity. Furthermore, in another aspect of intensity 

measure evaluation, two generic significance tests are introduced to investigate the effects of 

earthquake magnitude and source-to-site distance on the estimation of EDP’s. The advantage of 

these tests is their use of statistical parameters that are more familiar to engineers and 

researchers. 
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3.7.1 Probabilistic seismic response analysis, revisited  

As explained earlier, the mean annual frequency of exceeding a certain level of engineering 

demand parameter, edp, can be computed using Eq. (3.1), assuming that either the conditional 

probability of occurrence of EDP only depends on the ground motion intensity measure, IM, and 

not on the factors affecting the intensity measure itself, or response history analyses are 

conducted using ground motions that are selected in a way such that factors that affect the 

intensity measure are represented properly in the suite of ground motions. If this assumption does 

not hold, then the mean annual frequency of exceeding a certain level of edp can be computed as 

follows 

( ) ( ) ( ) ( ) ( ) ( )∑ ∫ ∫ ∫
=

>=>
N

i R M IM

wRwMR,M|IMiwii

i wi

iwiiwi
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1
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where N is the number of potential earthquake sources, each of which has a mean rate of 

threshold magnitude exceedance of νi, P ( EDP > edp | IM, Mw, R) is the probability that an 

engineering demand parameter, EDP, exceeds a certain level edp when the structure is subjected 

to an earthquake ground motion with intensity, IM = im, magnitude, Mwi = mw, and source-to-site 

distance, Ri = r. ( )r,m|imf
iwi R,M|IM  is the conditional probability density function (pdf) of IM 

given Mw and R, ( )wM mf
wi

 and ( )rf
iR  are pdf’s for earthquake magnitude and distance, 

respectively. 

To evaluate ( )edpEDP >ν , using Eq.(3.8), a summation and a triple integral needs to be 

computed, which is computationally expensive. The main portion of the computational effort is 

consumed to compute P ( EDP > edp | IM, Mw, R). In order to calculate the parameters of the 

probability distribution, ideally it is required to obtain a population of EDP’s when the structure 

is subjected to ground motions with IM = im, Mw = mw and R = r. However, a close 

approximation to the parameters of the probability distribution can be obtained from point 

estimators of a sample randomly selected from the population of EDP’s.  

Desirably, the point estimators of the statistical parameters of the conditional probability 

distribution, P ( EDP > edp | IM, Mw, R), should have three properties; consistency, efficiency 

and sufficiency, Ang and Tang (1975), Luco and Cornell (2003). A point estimator is consistent 

if its error asymptotically decreases with the increase in the sample size. On the basis of the law 

of large numbers (Benjamin and Cornell, 1970), it can be shown that for different intensity 

parameters the point estimators of various types of structural response, EDP, are consistent. 

Consistency of point estimators of various types of structural response parameters has been 
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studied in Aslani and Miranda (2004b) and is not discussed further in this study. In the context of 

PBSD, an intensity parameter is considered more efficient than another if it leads to a smaller 

dispersion of a point estimator of the same seismic performance parameter. Specifically, in this 

study efficiency is evaluated by investigating the dispersion of response parameters that are well-

correlated with structural and non-structural damage. An estimator is considered sufficient if it 

utilizes all the information in the sample that is relevant to the estimation of the seismic 

performance parameter. For the case of Eq. (3.8), and specifically for the point estimators of the 

conditional probability P ( EDP > edp | IM, Mw, R), a sufficient intensity parameter utilizes all 

the information on earthquake magnitude, Mw, and earthquake source-to-site distance, R, to 

estimate point estimators of the conditional probability distribution. Consequently, for a 

sufficient intensity parameter Eq. (3.8) can be significantly simplified, since the probability of 

exceedance of the engineering demand parameter is only dependent on IM and not on other 

seismological factors affecting IM, such as earthquake magnitude and source-to-site distance. 

This assumption, which is also referred to as Marcovian dependence, Benjamin and Cornell 

(1970), leads to Eq. (3.1). 

On the basis of the above observations, to evaluate various intensity parameters of the 

ground motion their degree of efficiency and sufficiency are investigated. An efficient intensity 

measure provides a reliable estimate of ( )edpEDP >ν  and a sufficient IM, allows for the use of 

Eq.(3.1) to estimate ( )edpEDP >ν , which is considerably less complicated than Eq. (3.8). 

3.7.2 Ground motion intensity measures evaluated in this study 

In this study, the effects of four intensity measures on the probabilistic estimation of the 

seismic structural response parameters are investigated. The first IM, is the elastic displacement 

spectral ordinate, Δe, evaluated at the fundamental period of vibration of the structural model, T1. 

This intensity measure is what is mainly used both in the current state of practice and current 

state of research. 

The second IM is the inelastic spectral displacement, Δi, which is calculated using an SDOF 

system with an elastic perfectly plastic hysteresis behavior evaluated at T1, and with a yield 

displacement of 
SDOFyΔ  which is calculated as 

 
r,

yr
ySDOF

11φΓ
Δ

Δ =      (3.9) 
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where Δyr is the roof displacement of the MDOF model at yielding, estimated from a static 

pushover analysis applying the first-mode lateral load pattern, Γ1 is the modal participation factor 

of the first mode and φ1,r is the amplitude of the first mode at the roof level. The reader is referred 

to ATC 40 (1996) for a detailed description on estimating Δyr. 

The third IM is the normalized peak ground acceleration, Δpga, of the ground motions and is 

defined as the Peak Ground Acceleration, PGA, of the accelerogram normalized by the scalar 

value 2
1

2 /4 Tπ  , where T1 is the first period of vibration of the MDOF model. This intensity 

measure is investigated since preliminary studies indicate that PGA can be an efficient IM for 

acceleration-based response parameters (Taghavi and Miranda, 2003). Calculation of this IM is 

very straightforward since it does not require computations at the SDOF level.  

The fourth IM is what is proposed in Cordova et al. (2000) and is a combination of spectral 

displacements evaluated at two periods of vibration to account for period softening and thereby 

reducing the record-to-record variability. This intensity parameter can be calculated as 

( ) ( )
( )

α

⎟⎟
⎠

⎞
⎜⎜
⎝

⎛
Δ
Δ

Δ=Δ
1

1
1 T

cT
T

e

e
ecdc          (3.10) 

where Δe(T1) is the elastic spectral displacement of the SDOF system evaluated at T1, Δe(cT1) is 

the spectral displacement of the SDOF system evaluated at cT1 , c and α are constant parameters 

that can be tailored to achieve a certain level of preciseness for a specific structural model. For 

general use, however, Cordova et al. (2000) suggest a pair of c = 2 and α = 0.5. When using 

these parameters Δcdc is equal to the geometric mean of Δe(T1) and Δe(2T1). 

3.7.3 Response history analyses (RHA) 

To evaluate the efficiency and sufficiency of the IM’s defined in the pervious section, it is 

required to estimate the parameters of the conditional probability distribution of EDP at different 

levels of intensity,    P (EDP | IM). In this study these statistical parameters are estimated from 

the results of response history analyses on a two-dimensional MDOF model of a seven-story 

reinforced concrete building applying 79 ground motions that are scaled to different levels of 

ground motion intensity. The earthquake ground motions are selected from the Pacific 

Earthquake Engineering (PEER) center strong motion database with magnitudes ranging from 

5.8 to 6.9 and with the closest distance to rupture varying from 13 km to 60 km. All ground 

motions were recorded on free field sites that can be classified as site class D according to recent 

NEHRP seismic provisions (BSSC, 1997). Complete listing of ground motions used for in this 
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study is presented in Appendix B. A detailed description of the ground motions can be found in 

Medina (2003). The MDOF model of the structure is based on the original structural drawings of 

the building. The model consists of an exterior frame rigidly linked to an interior frame such that 

both types of frames undergo the same lateral displacement. A detailed description of the model 

can be found in Aslani and Miranda (2005a).  

3.7.4 Scaling ground motions 

The following steps were taken to provide a basis for a valid comparison of the efficiency of 

the four intensity parameters introduced earlier. First, each of the 79 ground motion 

accelerograms was scaled to seven levels of elastic spectral displacement; Δe = 2.5 cm, 5 cm,     

10 cm, 20 cm, 30 cm, 40 cm, and 50 cm. In the second step, for each accelerogram scaled to a 

certain level of Δe the three intensity parameters, Δi, Δpga, Δcdc, are estimated. Dots in graphs of 

Fig. 3.11 present the variations of each of the three intensity parameters with changes in Δe, for 

all 79 ground motion accelerograms used in this study. In the third step, the counted median for 

each of the three intensity parameters are estimated at the seven levels of Δe. The lines on graphs 

of Fig.3.11 show the variations of the median IM for each of the three intensity parameters with 

changes in Δe.  

For each intensity parameter, the counted median of that intensity parameter at any given 

level of Δe is used as a comparable level of intensity. For example, when Δe = 40 cm, a 

comparable level of intensity for Δi can be obtained from Fig. 3.11a by reading the median value 

of Δi in the ordinates corresponding to Δe = 40 cm, which is Δi = 43 cm. Similarly, comparable 

levels of Δpga and Δcdc at Δe = 40 cm is 69 cm and 46.3 cm, respectively. To provide a valid 

evaluation basis, the efficiency of the four IM’s the 79 earthquake ground motions were scaled to 

these comparable levels of intensity for each of the IM’s. In other words, when the structural 

response as a function of Δpga was investigated the ground motions were scaled to Δpga = 4.3 cm, 

8.6 cm, 17.3 cm, 34.5 cm, 51.8 cm, 69 cm, and 86.3 cm, which are comparable levels to             

Δe = 2.5 cm, 5 cm, 10 cm, 20 cm, 30 cm, 40 cm, and 50 cm, respectively.  

Fig. 3.12 presents a comparison between the variations of the median of the three intensity 

parameters, with Δe for different intensity parameters. It can be seen in this figure that the 

variations of median Δi with Δe is nonlinear, specially at high levels of intensity. For other 

intensity parameters, however, this variation is linear. 
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Fig. 3.11. Estimation of three intensity parameters at different levels of elastic spectral displacement, Δe; 

(a) Δi, (b) Δpga, (c) Δcdc 

3.7.5 Estimation of the statistical parameters of the structural 

responses 

Once ground motions are scaled, using the above procedure, the statistical parameters of the 

EDP’s at different levels of intensity are estimated from the results of RHA’s to evaluate each of 

the intensity parameters introduced earlier. In this study, two statistical parameters are estimated 

for two types of EDP’s; one measure of  location  and  one  measure  of  dispersion. The  counted  

(a) (b) 

(c) 
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Fig. 3.12. Relationship between median IM’s evaluated in this study. 
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Fig. 3.13. Results of probabilistic seismic response analyses for (a) Interstory Drift Ratio in the first 

story, IDR1 and (b) Peak floor acceleration at the roof, PFA8. 

median of the sample, EDP , is used as the measure of location and the logarithmic standard 

deviation of the EDP’s, σEDP, estimated as the standard deviation of the natural logarithm of 

EDP’s is used as the measure of dispersion. Two types of EDP’s are considered; interstory drift 

ratio and peak floor acceleration. The interstory drift ratio is estimated at all the stories of the 

MDOF model, IDRi, and the location-independent maximum interstory drift ratio, IDRmax, is also 

(a) (b) 
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computed. The peak floor acceleration is computed at all the floor levels of the MDOF model, 

PFAi. The dots shown in Fig. 3.13 present the structural response evaluated at different levels of 

intensity for the  interstory  drift ratio at the first story, IDR1, and the peak roof acceleration, 

PFA8, at different levels of elastic spectral displacement. The lines in this figure show the 

variation of the median response with changes in the ground motion intensity. As can be seen in 

the figure, results from RHA’s provide valuable information on the statistics of EDP’s. At each 

level of intensity that RHA’s are performed the probability distribution of EDP and its statistics, 

for example its median and its dispersion, can be computed. Furthermore, the variations of these 

parameters with changes in ground motion intensity  can be investigated from the results of 

RHA’s at different levels of intensity. 

Variations of the median IDR at 2nd , 4th, and 7th stories and the median PFA at 2nd, 4th, and 

8th floors with elastic spectral displacement, Δe, are shown in Figs. 3.14a and 3.14b. As can be 

seen in the figures, both IDR  and PFA  increases with the increase in Sd. This increase is mainly 

a function of the location of the EDP along the height of the MDOF model. As the EDP of 

interest moves to higher levels the variations of the median response with IM becomes more 

nonlinear, and the slope of the median response decreases. For example, 4IDR  at Δe = 40 cm is 

3.4 times 4IDR  at Δe = 10 cm, whereas 7IDR  at Δe = 40 cm is only twice its value at Δe = 10 cm. 

Similarly, 4PFA  at Δe = 40 cm is 3.3 times 4PFA  at Δe = 10 cm, while 8PFA  at  Δe = 40 cm is 

only twice 4PFA  at Δe = 10 cm. The variations of the median IDRmax with Δe is also shown in 

Fig. 3.14a. It can be seen that for the case study building the equal displacement rule holds true 

since the response of the building in longitudinal direction to lateral loading is primarily 

dominated by its first mode of vibration. Fig. 3.14c presents the variations in the dispersion of 

IDR2, IDR4, IDR7 and IDRmax with changes in Δe. An important observation is that the dispersion 

of IDR varies significantly with changes in IM when one is interested in estimating drift at 

specific stories. This variation, however, decreases when one is interested in the maximum 

interstroy drift ratio. Furthermore, in addition to significant changes in the value of σIDR, its 

changing pattern also varies depending on the location of the response parameter under 

consideration. For example, it can be seen in Fig. 3.14a that σIDR2 increases from 0.14 at Δe = 2.5 

cm to 0.41 at Sd = 50 cm, which is almost a factor of three. σIDR7 , however, decreases from 0.39 

to 0.2 at similar levels of IM. Fig. 3.14d presents the variations of dispersion of PFA at 2nd, 4th, 

and 8th floors with changes in Δe. It can be seen that at lower levels of the building, σPFA remains 

almost constant as the level of intensity increases. At upper levels, however, the dispersion of 

PFA significantly decreases with the increase in  the  level  of  intensity.  For  example,  when  Sd  
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Fig. 3.14. Variations of the statistical parameters of the structural response with changes in the level of 

elastic spectral displacement, Δe; (a) Counted median of interstory drift ratio in the 2nd, 4th and 7th stories, 

IDR2 , IDR4 , IDR7 and maximum interstory drift ratio, IDRmax. (b) Counted median of peak floor acceleration 

at 2nd, 4th and roof, PFA2 , PFA4 , PFA8. (c) Logarithmic standard deviation of , IDR2 , IDR4 , IDR7 and 

IDRmax (d) Logarithmic standard deviation of PFA2 , PFA4 , and PFA8. 

increases from 10 cm to 40 cm, σPFA8 decreases by 56%. Figs. 3.15-3.17 present similar 

information described in Fig. 3.14 when the intensity parameter is Δi, Δpga and Δcdc, respectively. 

As can be seen in the figures, despite the differences in the values of the median and dispersion 

of the EDP’s, which is mostly insignificant for the case of median and significant for the  case  of  

(c) (d) 

(a) (b) 
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Fig. 3.15. Variations of the statistical parameters of the structural response with changes in the level of 

inelastic spectral displacement, Δi; (a) Counted median of interstory drift ratio in the 2nd, 4th and 7th stories, 

IDR2 , IDR4 , IDR7 and maximum interstory drift ratio, IDRmax. (b) Counted median of peak floor acceleration 

at 2nd, 4th and roof, PFA2 , PFA4 , PFA8. (c) Logarithmic standard deviation of , IDR2 , IDR4 , IDR7 and 

IDRmax (d) Logarithmic standard deviation of PFA2 , PFA4 , and PFA8. 

dispersion, the pattern of variation remains almost similar to what is observed in Fig. 3.14 when 

Δe is used as the measure of intensity. 

(c) (d) 

(a) (b) 
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Fig. 3.16. Variations of the statistical parameters of the structural response with changes in the level of 

normalized peak ground acceleration, Δpga; (a) Counted median of interstory drift ratio in the 2nd, 4th and 7th 

stories, IDR2 , IDR4 , IDR7 and maximum interstory drift ratio, IDRmax. (b) Counted median of peak floor 

acceleration at 2nd, 4th and roof, PFA2 , PFA4 , PFA8. (c) Logarithmic standard deviation of , IDR2 , IDR4 , 

IDR7 and IDRmax (d) Logarithmic standard deviation of PFA2 , PFA4 , and PFA8. 

(c) (d) 

(a) (b) 
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Fig. 3.17. Variations of the statistical parameters of the structural response with changes in the level of 

Cordova intensity measure, Δcdc; (a) Counted median of interstory drift ratio in the 2nd, 4th and 7th stories, 

IDR2 , IDR4 , IDR7 and maximum interstory drift ratio, IDRmax. (b) Counted median of peak floor acceleration 

at 2nd, 4th and roof, PFA2 , PFA4 , PFA8. (c) Logarithmic standard deviation of , IDR2 , IDR4 , IDR7 and 

IDRmax (d) Logarithmic standard deviation of PFA2 , PFA4 , and PFA8. 

3.7.6 Efficiency of the ground motion intensity measures 

As described earlier, one of the measures of evaluation of IM’s is by assessing their degree of 

efficiency. An efficient IM, leads to smaller levels of dispersion in the EDP. Therefore, the 

(c) 

(a) (b) 

(d) 
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efficiency of the intensity parameters can be evaluated by comparing the dispersion of the EDP’s 

at different levels of intensity for each measure of intensity. Since ground motions are scaled to 

comparable levels of intensity, the efficiency of the four intensity parameters can easily be 

evaluated. 

Figs. 3.18a-3.18d compares the variations of the dispersion, logarithmic standard deviation, 

of IDR at second, fourth, and seventh stories and the maximum interstory drift ratio, with 

changes in the equivalent ground motion intensity, IMeq., for all four intensity parameters. Each 

line in the graphs of Fig. 3.18 is drawn by connecting σIDR-IMeq. pairs estimated. IMeq. is 

estimated for each intensity parameter at a given level of intensity from Fig.3.12. For example, 

when Δpga = 69 cm, the IMeq = 40 cm as can be read from the abscissa of Fig. 3.12 which is the 

corresponding value to Δpga = 69 cm in the ordinates. σIDR is obtained from Figs. 3.14c, 3.15c, 

3.16c, and 3.17c depending on the IM of interest. For example, at Δpga = 69 cm σIDR is … as can 

be read from the ordinates of Fig. 3.16c. As can be seen in Fig. 3.18, the inelastic spectral 

ordinates, Δi, is capable of predicting IDR with lower levels of dispersion and therefore is a more 

efficient IM compared to what computed using the other three IM’s for the case of IDR2, IDR4 

and IDRmax. The difference in the dispersions computed with Δi becomes more significant, 

especially at larger levels of intensity. For example, at IM = 50 cm, σIDR2 decreases from 0.41 to 

0.34, a 20% decrease, when using Δi instead of Δe. Δpga is predicting significantly larger 

uncertainties for interstory drift compared to other IM’s. Δcdc predicts larger levels of dispersion 

compared to Δi and Δe at small levels of intensity. For example at IM = 10 cm, σIDR2 is 0.24 

which is more than twice of what estimated using Δi or Δe at a comparable level. However, as the 

level of intensity increases, the dispersion predicted using Δcdc becomes comparable to what 

predicted using Δi or Δe. Better results can be estimated using this IM, once c and α pair is 

specifically calibrated for the case study building (Cordova et al., 2000). It can be concluded that, 

in general, Δi is a better IM in terms of estimating the dispersion of the interstory drift at different 

levels of intensity. 

As can be seen in Fig. 3.18c, for the case of the interstory drift ratio at the seventh story, IDR7, 

Δpga, predicts significantly smaller levels of dispersion compared to other IM’s. This is because 

higher mode effects are significant at that story level and Δpga is the only IM, which is capable of 

capturing this effect among the presented IM’s which are mainly capable of capturing the effects 

of the first mode. However, as will be presented later in this paper, Δpga does not meet the 

sufficiency requirement to estimate statistics on the interstory  drift  since  it  can  be  magnitude-  
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Fig. 3.18. Variations of the logarithmic standard deviation of the interstory drift ratio, IDR, at different 

locations of the MDOF model for each of the four measures of intensity with changes in the equivalent 

intensity measure; (a) IDR2, (b) IDR4, (c) IDR7, (d) IDRmax 

dependent. Researchers have suggested alternative intensity measures that are capable of 

capturing higher modes effects. For example, Miranda and Akkar (2004) suggested a generalized 

interstory drift spectrum (GIDS), which is capable of capturing higher mode effects and is based 

on modal analysis techniques. 

Figs. 3.19a-3.19c compare the variations of the dispersion of the peak floor acceleration at 

second, fourth and roof level of the case study building with changes in IMeq.. As can be seen in 

the figures the level of dispersion significantly decreases when Δpga is selected as the  measure  of  

(a) (b) 

(c) (d) 
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Fig. 3.19. Variations of the logarithmic standard deviation of the peak floor acceleration, PFA, for each 

of the four measures of intensity, Δe, Δi, Δpga, Δcdc with changes in the equivalent intensity measure; (a) PFA2, 

(b) PFA4, (c) PFA8 

intensity both at low levels of intensity when the structure behaves linear elastic and at high 

levels of intensity when the structure is in the non-linear regime. For example, in Fig. 3.19b it 

can be seen that at IMeq. = 20 cm the dispersion estimated for peak floor acceleration at the 4th 

floor, σPFA4, is around 0.22 when Δpga is used. When Δe is used, σPFA4 is more than twice that 

value. It can be concluded that for the case of floor acceleration PGA is a better measure of 

intensity in terms of estimating the dispersion of the response, both at linear and nonlinear 

regimes. 

(c) 

(a) (b) 
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3.7.7 Sufficiency of the ground motion intensity measures 

As defined earlier, a sufficient IM allows for the use of Eq. (3.1) instead of Eq. (3.8) and 

contributes significantly in decreasing the runtime of the seismic performance assessment 

procedure. The engineering demand parameter estimated using a sufficient IM is not dependent 

on other seismological factors affecting the intensity measure itself, namely the earthquake 

magnitude, Mw and source-to-site distance, R. The sufficiency of an intensity parameter is 

evaluated by studying the residuals of the EDP’s estimated using that intensity parameter. The 

residuals of an EDP at a given level of IM are computed as  

( ) ( ).
.

est
est

EDPLnEDPLn
EDP
EDPLn −=⎟

⎠
⎞

⎜
⎝
⎛=ε             (3.11) 

where EDP is the demand parameter estimated from the results of RHA’s. .estEDP  is the median 

of the EDP’s estimated from a series of nonlinear RHA’s.  

Once the residuals are estimated, it is assumed that they vary linearly with earthquake 

magnitude or distance as follow 

bxa +=ε                (3.12) 

where x is any seismological factor that affects the selected IM, in this study the earthquake 

magnitude, Mw and the earthquake source-to-site distance, R, a and b are constants estimated by 

performing linear regression analyses. 

Figs. 3.20a and 3.20b present the variations of residuals of IDR1 with changes in Mw and R, 

respectively when the intensity measure is at 20 cm of elastic spectral displacement. The lines on 

the figures are regression lines fitted to the residuals, using Eq. (3.11). The residuals of PFA at 

the roof level are plotted against Mw in Fig. 3.20c for Δe = 20 cm. As can be seen in the figure, 

there is a slight decreasing trend between the residuals of PFA8 with increasing levels of 

earthquake magnitude, Mw. Although for the case study building, which is a seven story building, 

this bias does not lead to inefficiency of Δe, the bias could become more important for taller 

buildings. This is mainly because, peak floor acceleration is a structural parameter that is 

strongly influenced by higher modes whose contribution is more important in taller buildings and 

by the fact that earthquake magnitude affects the relative intensity of spectral ordinates (i.e., the 

shape of the spectrum). The slight downward trend observed in figure 3.20c can be explained by 

looking at Fig. 3.21 that shows the effect of magnitude at a given distance on the elastic spectral 

ordinates normalized by the elastic spectral ordinates computed at the first period of vibration of 
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the case study building computed using the Abramson and Silva (1997) attenuation relationship. 

As can be seen in the figure, for periods of vibration smaller than T1, (e.g periods of vibration 

between T1/7 and T1/3) acceleration demands normalized by Sa(T1) decrease as magnitude 

increases. For example, at T = 0.5 s, that approximately corresponds to the second mode of 

vibration of the building, the normalized elastic spectral acceleration evaluated for Mw = 6.0 is 

approximately 40% larger than the normalized elastic spectral acceleration for Mw = 7.0. This 

significant variations in the normalized elastic spectral ordinates at periods of vibration 

corresponding to higher modes, suggest that using elastic spectral displacement as intensity 

measures may not be efficient when estimating structural responses that are dominated by the 

effects of higher modes, such as peak floor accelerations or floor spectral ordinates.  

The residuals estimated for PFA8 are plotted against R in Fig. 3.20d for Δe = 20 cm. As can 

be seen in the figure, the trend between residuals and variations in the source-to-site distance is 

almost constant. Indicating that distance does not significantly affect roof accelerations when 

using Sa(T1) to characterize the ground motion intensity at the site. Variations of the residuals of 

the IDR1 and PFA8 with Mw and R for other three IM’s, namely Δi, Δpga and Δcdc are presented in 

Figs 3.22, 3.23 and 3.24, respectively. 

Two significance tests are used in this study (Crow et al. 1960) to provide a quantitative 

measure of sufficiency for the four intensity parameters. The first significance test verifies that 

average change in the residuals of EDP, ε, with Mw or R, when using a certain IM, is 0. In other 

words the regression line in Eq. (3.12) is horizontal. Another way of providing a quantitative 

measure for sufficiency of an intensity parameter is to evaluate the linear dependency of ε on Mw 

or R. In the second significance test, the correlation coefficient between ε and Mw or ε and R is 

used as a measure of sufficiency. For a sufficient IM, ε is linearly independent of Mw or R and 

therefore, the correlation coefficient is 0. As can be seen later the results from both tests are 

consistent with each other and for one to choose a test upon another depends on the availability 

of the required information for each of them. If the correlation coefficient of the residuals of the 

EDP with Mw or R is available the second test is a simpler test to be performed. The underlying 

assumption for both tests is that ε in Eq. (3.12) is normally distributed which holds true since, 

EDP’s are lognormally distributed (Aslani and Miranda, 2005a) and ε is defined as a function of 

the natural logarithm of the EDP’s, Eq. (3.11). 
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Fig. 3.20. Variations of the EDP residuals with earthquake magnitude, Mw, and earthquake closest 

distance to rupture, R at 20 cm of elastic spectral displacement; (a) Residuals of IDR1 with Mw, (b) Residuals 

of IDR1 with R, (c) Residuals of PFA8 with Mw, (d) Residuals of PFA8 with R. 

3.7.7.1 Significance test for the slope b of the regression line 

A quantitative measure of sufficiency for an intensity parameter can be defined as  

bS
bt =      (3.13) 

(a) (b) 

(c) (d) 
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Fig. 3.21. Variations in the normalized elastic spectral ordinates with changes in period of vibration, T, 

using Abrahamson and Silva (1997) attenuation relationships at different magnitudes, M, and constant 

source-to-site distances, R = 10 km: (a) normalized elastic spectral displacement, Δe(T)/Δe(T1), (b)  

normalized elastic spectral acceleration, Sa(T)/Sa(T1). 

where b is the slope of regression line evaluated from Eq. (3.12) and Sb is the standard error of 

slope b and is computed as 
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where n is the number of data points which is the number of response history analyses.  

It can be shown that the random variable t has a student distribution (Crow et al. 1960). The 

absolute value of t, |t|, is compared to a critical value, tα/2, n-2, in which (1-α) is the confidence 

level, which is assumed 95% in this study, and n is the number of response history analyses.     

tα/2, n-2 is computed from a student distribution with parameters α and n. 
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Fig. 3.22. Variations of the EDP residuals with earthquake magnitude, Mw, and earthquake closest 

distance to rupture, R at 20 cm of inelastic spectral displacement; (a) Residuals of IDR1 with Mw, (b) 

Residuals of IDR1 with R, (c) Residuals of PFA8 with Mw, (d) Residuals of PFA8 with R 

For an intensity parameter, if |t| is smaller than tα/2, n-2 , it can be concluded that the average 

changes of the residuals with Mw or R is 0 and therefore, the IM is a sufficient IM. For n = 79 and 

considering a 95% confidence interval the null hypothesis of assuming the slope b = 0 and 

therefore that the IM is sufficient is valid when |t| ≤ 1.99. The slope b and the corresponding t 

values for different IM’s are shown in Figs. 3.20-3.23. 

(a) (b) 

(c) (d) 
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Fig. 3.23. Variations of the EDP residuals with earthquake magnitude, Mw, and earthquake closest 

distance to rupture, R at 31 cm of Δpga; (a) Residuals of IDR1 with Mw, (b) Residuals of IDR1 with R, (c) 

Residuals of PFA8 with Mw, (d) Residuals of PFA8 with R. 

As can be seen from the values of t shown on Figs. 3.20-3.23, for the case of earthquake 

magnitude when Δpga is used as the measure of intensity to estimate IDR1, the t-value is larger 

than the limit value, Fig. 3.22a. Hence, it can be concluded that for the case of Δpga the interstory 

drift ratios can be magnitude-dependent, and Eq. (3.1) should not be used to estimate ν (IDR). In 

other words, Δpga is not a sufficient IM when interstory drift is the EDP of interest. When Δcdc is 

used as the measure of intensity, to estimate PFA’s at the roof level, t-value is almost equal to the 

limit value, Fig. 3.23c. For the case of the closest distance to rupture, R, both IDR1 and PFA8 are 

(c) (d) 

(a) (b) 
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linearly independent of R for all alternative IM’s, as can be understood by comparing the t-values 

shown in Figs 3.20-3.23 to the limit value. Therefore, all four IM’s are sufficient for the case of 

earthquake source-to-site distance. 
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Fig. 3.24. Variations of the EDP residuals with earthquake magnitude, Mw, and earthquake closest 

distance to rupture, R at 23 cm of Δcdc; (a) Residuals of IDR1 with Mw, (b) Residuals of IDR1 with R, (c) 

Residuals of PFA8 with Mw, (d) Residuals of PFA8 with R 

3.7.7.2 Significance test for the sample correlation coefficient 

The correlation coefficient of two random variables ε and x can be computed as 

(a) (b) 

(c) (d) 
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where n is the number of ε and x pairs.  

For an IM to be sufficient, the correlation coefficient between ε and x should be sufficiently 

close to 0. Therefore, in this significance test, x,ερ  is compared to a limit value and if it is 

smaller than the limit value the null hypothesis that the correlation coefficient x,ερ  has the stated 

value of 0 is accepted. For n = 79 and considering a 95% confidence interval the limit value for 

correlation coefficient between the residuals of EDP, ε, and earthquake magnitude, Mw, or 

earthquake distance, R, is 0.221. 

The correlation coefficients estimated between the residuals of IDR1 and PFA8 with Mw and 

R for the case study building are shown in each graph in Figs. 3.20-3.23. As can be seen from the 

correlation coefficients shown in Figs. 3.20-3.23 for the case of earthquake magnitude, when Δpga 

is used as the measure of intensity to estimate IDR1, the correlation coefficient between ε and Mw 

is larger than the limit value, Fig. 3.22a, which verifies the result from the b-value test. Similarly, 

when Δcdc is used as the parameter of intensity, the correlation coefficient estimated between ε of 

PFA8 and Mw is almost equal to the limit value as can be seen in Fig. 3.23c. For the case of the 

closest distance to rupture, R, both IDR1 and PFA8 are linearly independent of R for all 

alternative IM’s, since the correlation coefficients shown in Figs 3.20-3.23 are smaller than the 

limit value of 0.221. Therefore, all for intensity parameters are sufficient for the case of 

earthquake source-to-site distance. 
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C h a p t e r  4  

ASSESSMENT OF COMPONENTS 
FRAGILITY FUNCTIONS 

4.1 Introduction 

An adequate implementation of performance-based seismic design (PBSD) requires a 

relationship between the ground motion intensity and the economic losses in the structure. 

Economic losses in a structure are mainly a function of the level of damage in the structure. 

Previous studies in damage assessment have typically provided global estimates of damage in the 

facility in a single step through the use of damage probability matrices relating a damage ratio in 

the facility with Modified Mercalli Intensity (ATC-13, 1985), empirical functions relating peak 

ground motion parameters to damage ratios (Wald, 1999), or with functions relating damage 

ratios to spectral ordinates (NIBS, 1999).  

In the probabilistic framework being developed at the Pacific Earthquake Engineering 

Research (PEER) Center, estimation of economic losses is performed in three steps. In the first 

step, a probabilistic description of the structural response at increasing levels of ground motion 

intensity is obtained through a series of response history analyses, which was explained in-detail 

in chapter 3. In a second step, damage to individual structural and nonstructural components is 

estimated as a function of structural response parameters (e.g., peak interstory drift demands, 

peak floor accelerations, etc.) computed in the first step. This approach requires fragility 

functions for various damage states for each component in the facility as a function of structural 

response parameters, and is explained in-detail in the first part of this chapter. In the third step, 

economic losses to individual components are estimated as a function of the level of damage 
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sustained by the component. This approach requires loss functions for various damage states for 

each component in the facility and is explained in the second part of this chapter. 

4.2 Fragility Functions for Structural Components 

4.2.1 Slab-column connections  

The objective of this section is to summarize research aimed at the development of fragility 

functions that permit the estimation of damage in slab-column connections of shear-critical 

reinforced concrete buildings as a function of the peak interstory drift imposed on the connection. 

In particular, research described in this section is aimed at estimating damage in cast-in-place 

slab-column connections built prior to 1976 which have no shear reinforcement and which 

typically do not have continuous slab bars passing through the column cage. An important 

amount of research has been conducted on the seismic design and behavior of slab-column 

connections. Moehle et al. (1988), ACI-352 (1988), Hueste and Wight (1999), and Enomoto and 

Roberston (2001) provide excellent summaries of previous research. Although most of this 

research has been primarily aimed at providing improved recommendations for the design of 

slab-column connections for new buildings in seismic regions, and in particular aimed at 

developing recommendations to avoid shear failures, results from previous experimental research 

also provide valuable information to estimate the level of damage that can occur in slab-column 

connections in existing reinforced concrete buildings as they are subjected to increasing levels of 

lateral deformation. 

4.2.1.1. Definition of damage states  

In this study, four discrete damage states of slab-column connections are used. These damage 

states have been defined based on specific actions that would have to be taken as a result of the 

observed damage. This approach facilitates the estimation of economic losses and other types of 

consequences (e.g., repair time, possible casualties, etc.) resulting from the occurrence of the 

damage.  

In this study, the discrete damage states that were considered are the following: 

DS1 Light Cracking: Light cracking corresponds to crack widths smaller than 0.3mm 

(0.013in) which become visible at distances of about 2.0 m (6.6 ft). Fig. 4.1a shows a schematic 

view of a typical cracking pattern on the top face of the slab at this damage state. These crack 

widths can be tolerated in reinforced concrete in humid or moist air conditions (ACI 224R, 

2001). Hence, actions associated with this damage state typically consist of a “light repair” 

consisting of applying a surface coating on the concrete surface to conceal the surface projection 
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of the cracks (FEMA 308, 1998). The purpose of this repair action is to improve the aesthetic 

appearance of the slab or to provide an additional barrier against water infiltration into the slab. 

This repair action is not intended to provide any increase in strength and stiffness to the cracked 

slab. 

DS1DS1      
DS2DS2  

 

DS3DS3
     DS4DS4  

Fig. 4.1. Schematic view of the four damage states considered for slab-column connections: (a) light 

cracking; (b) severe cracking; (c) punching shear failure; and (d) loss of vertical carrying capacity. 

DS2 Severe Cracking: This damage state involves crack widths between 0.3mm (0.013 in) 

and 2.0 mm (0.08 in). Cracking in this damage state involves wider crack widths, deeper cracks 

as well as more extensive cracking. Fig. 4.1b shows a typical cracking pattern on the top face of 

the slab at this damage state. For this level of cracking most concrete repair guidelines suggest 

that epoxy injection is necessary (ACI 224.1, 1984; ACI 546, 1996; ACI 548, 1997). The repair 

(a) (b) 

(c) (d)
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action associated with this damage state typically consists of epoxy crack injection which 

provides a structural binding agent into a crack for the purpose of filling the crack and adhering 

to the substrate material (FEMA 308, 1998). The main purpose of this repair action is to partially 

restore the original strength and stiffness of the connection (Krauss et al., 1995). 

DS3 Punching Shear Failure: This damage state corresponds to severe cracking characterized 

by first, a roughly circular tangential cracking around the perimeter of the column area of slab 

and then radial cracks extending from that area (ASCE-ACI 426, 1974). This damage state is also 

often accompanied with considerable spalling of the concrete cover placed on top of the slab 

reinforcement. Fig. 4.1c shows typical cracking pattern on the top face of the slab at this damage 

state. The punching shear failure damage state is typically characterized by a sudden significant 

drop in moment capacity of the connection. Repair actions associated with this damage state 

involve significant labor and cost and consist of concrete spall repair and rebar replacement 

(FEMA 308, 1998). Loose concrete is typically first removed with a chipping hammer. If 

reinforcing bars are exposed, concrete is commonly removed to provide sufficient clearance 

around the bar for the patch to bond to the full diameter. When repairing this type of damage, 

sometimes it is also necessary to cut out the damaged length of reinforcing bars and to replace it 

with new bars.  

DS4 Loss of Vertical Carrying Capacity: The last damage state is loss of vertical carrying 

capacity, at which the component loses its vertical carrying capacity, and collapses under its 

gravity load. Fig. 4.1d shows a schematic view of a slab-column connection at this damage state. 

Previous studies have shown that top slab reinforcement, though less reliable and efficient than 

bottom slab reinforcement, is capable of resisting vertical load following initial punching 

(Hawkins and Mitchell, 1979; Mitchell and Cook, 1984; Pan and Moehle, 1992). Hence, loss of 

vertical carrying capacity will typically occur at larger levels of deformation than those 

associated with punching shear failure. If there is no possibility to redistribute the vertical load to 

other members, this damage state has possible disastrous consequences, since it can lead to a 

local collapse. Furthermore, local collapses produced by the loss of vertical carrying capacity of 

slab-column connections in many cases have triggered a global progressive collapse of buildings 

(Rosenblueth and Meli, 1986; Hamburger, 1996).  

4.2.1.2. EXPERIMENTAL RESULTS USED IN THIS STUDY  

Estimation of the probability of experiencing various damage states in slab-column 

connections requires gathering information about the level of lateral deformation at which 

various damage states have been observed in slab-column connections subjected to earthquake 

loading. Ideally, one would use information from actual buildings that have undergone various 
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levels of earthquake damage. However, in most cases the level of lateral deformation that 

produced the damage in various floor levels is unknown. Therefore, results of experimental 

studies are used here as the basis for the establishing levels of lateral deformations associated to 

the four, previously described, damage states. Data considered in this study were limited to 

interior slab-column connections without shear reinforcement. Results of experimental research 

conducted over the last 36 years in 10 different research universities were considered. 

Information about the material properties and characteristics of all specimens considered in this 

study is summarized in Table 4.1, which includes 17 experimental research investigations for a 

total of 82 specimens.  

Most experimental studies have been aimed at providing information about the force and 

deformation demands associated with flexurally controlled or punching shear failures. Hence, not 

in all cases was there enough information to establish the interstory drifts at which all four 

damage states took place. This occurs either because the damage state did not occur (e.g., a 

punching shear failure or the loss of vertical carrying capacity was not observed during the test), 

or because the report did not document well enough information to properly establish the level of 

interstory drift at which the damage state was observed. The later situation was particularly 

common for the first two damage states (light cracking and severe cracking), primarily because, 

until very recently, earthquake provisions have typically only been concerned with life safety and 

not damage control.  

Only five investigations included detailed information about the level of interstory drift at which 

light cracking was observed. For these specimens, it was observed that the reported interstory 

drift at which clearly visible cracking occurred, was accompanied with a significant reduction in 

lateral stiffness. Therefore, in order to expand the number of data points associated with this 

damage state, the interstory drift at which this damage state was considered to be, either the 

interstory drift at which clearly visible cracking was reported by the investigators, or the 

interstory drift at which a 30% or more drop in lateral stiffness was observed in the hysteresis 

loop. For many specimens, this corresponded to a point in the loading history where a clearly 

visible sudden reduction in lateral stiffness occurred. Fig. 4.2 presents a graphic representation 

illustrating the latter situation. Table 4.2, summarizes the interstory drifts associated with this 

first damage state. It should be noted that the indirect way of determining the interstory drift 

associated with this first damage state was only used in specimens where a good quality 

hysteresis loop with early loading cycles was included in the report that would allow a clear 

determination of changes in lateral stiffness at low levels of deformation. Consequently, Table 

4.2 reports interstory drifts associated with light cracking for only 43 specimens. It can be seen 
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that the first damage state in slab-column connections occurs at very low deformations raging 

from 0.19% to 0.8% drift ratios. 

 
Table 4.1. Properties of slab-column specimens used in this study. 

Thickness 
(cm)

f'c 
(Mpa)

fy 
(Mpa)

Bottom 
reinforcement 
through the 

column

Section 
(cm x cm)

f'c 
(Mpa)

fy 
(Mpa)

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11)
1 P7 7.50 33.0 354.4 0.04 - 30 x 15 33.0 354.4
2 C8 7.50 32.8 410.9 0.05 - 30 x 15 32.8 410.9
3 IP2 8.75 31.9 373.7 0.18 Yes 22.5x22.5 31.9 373.7
4 IP3C 8.75 29.7 315.8 0.23 Yes 22.5x22.6 29.7 315.8
5 IP1 8.75 29.7 315.8 0.22 Yes 22.5x22.7 29.7 315.8
6 S1 15.00 34.8 460.0 0.33 Yes 25 x 25 34.8 460.0
7 S2 15.00 23.4 462.6 0.45 Yes 25 x 25 23.4 462.6
8 S3 15.00 22.0 455.0 0.45 Yes 25 x 25 22.0 455.0
9 S4 15.00 32.3 460.0 0.40 Yes 25 x 25 32.3 460.0

10 S6 15.00 23.2 460.0 0.86 Yes 25 x 25 23.2 460.0
11 S7 15.00 26.5 462.6 0.81 Yes 25 x 25 26.5 462.6
12 S8 15.00 26.5 462.6 - Yes 25 x 25 26.5 462.6
13 SM 0.5 15.00 36.7 475.8 0.31 - 25 x 25 36.7 475.8
14 SM 1.0 15.00 33.3 475.8 0.33 - 25 x 25 33.3 475.8
15 SM 1.5 15.00 39.9 475.8 0.30 - 25 x 25 39.9 475.8
16 S1 7.50 45.8 322.7 0.02 - 25 x 25 45.8 322.7
17 S2 7.50 35.1 330.3 0.02 - 25 x 25 35.1 330.3
18 S3 7.50 33.9 335.1 0.02 - 25 x 25 33.9 335.1
19 S4 7.50 34.9 317.2 0.05 - 25 x 25 34.9 317.2
20 S5 7.50 35.2 339.9 0.11 - 25 x 25 35.2 339.9
21 D1 7.50 36.3 290.0 0.04 - 25 x 25 36.3 290.0
22 D2 7.50 33.9 327.0 0.04 - 25 x 25 33.9 327.0
23 D3 7.50 36.5 355.0 0.04 - 25 x 25 36.5 355.0

24 Zee and Moehle  
(1984) INT 6.00 37.2 435.1 0.21 Yes 13.5x13.5 37.2 435.1

25 Test 1 12.00 33.3 472.0 0.37 Yes 27 x 27 33.3 472.0
26 Test 2 12.00 33.3 472.0 0.36 Yes 27 x 27 33.3 472.0
27 Test 3 12.00 31.4 472.0 0.18 Yes 27 x 27 31.4 472.0
28 Test 4 12.00 31.4 472.0 0.19 Yes 27 x 27 31.4 472.0
29 6AH 15.00 31.3 415.0 0.43 Yes 30 x 30 31.3 415.0
30 9.6AH 15.00 30.7 415.0 0.48 Yes 30 x 30 30.7 415.0
31 14AH 15.00 30.3 415.0 0.53 Yes 30 x 30 30.3 415.0
32 6AL 15.00 22.7 415.0 0.72 Yes 30 x 30 22.7 415.0
33 9.6AL 15.00 28.9 415.0 0.68 Yes 30 x 30 28.9 415.0
34 14AL 15.00 27.0 415.0 1.38 Yes 30 x 30 27.0 415.0
35 7.3BH 11.25 22.2 415.0 0.38 Yes 30 x 30 22.2 415.0
36 9.5BH 11.25 19.8 415.0 0.48 Yes 30 x 30 19.8 415.0
37 14.2BH 11.25 29.5 415.0 0.42 Yes 30 x 30 29.5 415.0
38 7.3BL 11.25 18.1 415.0 0.69 Yes 30 x 30 18.1 415.0
39 9.5BL 11.25 20.0 415.0 0.71 Yes 30 x 30 20.0 415.0
40 14.2BL 11.25 20.5 415.0 0.80 Yes 30 x 30 20.5 415.0
41 6CH 15.00 52.4 415.0 0.37 Yes 30 x 30 52.4 415.0

- Information was not available.

Specimen 
Number References Label

Specimen properties

Slab Column

Morrison and 
Sozen          
(1981)

Pan and Moehle  
(1988)

Hawkins et al.    
(1989)

Ghali et al.       
(1976)

Hanson and 
Hanson  (1968)

Islam and Park   
(1973)

Hawkins et al.    
(1974)

Seymonds et al.  
(1976) 
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Table 4.1(continued). Properties of slab-column specimens used in this study. 

Thickness 
(cm)

f'c 
(Mpa)

fy 
(Mpa)

Bottom 
reinforcement 
through the 

column

Section 
(cm x cm)

f'c 
(Mpa)

fy 
(Mpa)

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11)
42 9.6CH 15.00 57.2 415.0 0.41 Yes 30 x 30 57.2 415.0
43 14CH 15.00 54.7 415.0 0.48 Yes 30 x 30 54.7 415.0
44 6CL 15.00 49.5 415.0 0.55 Yes 30 x 30 49.5 415.0
45 14CL 15.00 47.7 415.0 0.74 Yes 30 x 30 47.7 415.0
46 6DH 15.00 30.0 415.0 0.35 Yes 30 x 30 30.0 415.0
47 14DH 15.00 31.7 415.0 0.49 Yes 30 x 30 31.7 415.0
48 6DL 15.00 28.7 415.0 0.61 Yes 30 x 30 28.7 415.0
49 14DL 15.00 24.3 415.0 0.81 Yes 30 x 30 24.3 415.0
50 10.2FHI 15.00 25.9 415.0 0.43 Yes 30 x 30 25.9 415.0
51 10.2FHO 15.00 33.8 415.0 0.45 Yes 30 x 30 33.8 415.0
52 14FH 15.00 31.2 415.0 0.52 Yes 30 x 30 31.2 415.0
53 6FLI 15.00 25.9 415.0 0.63 Yes 30 x 30 25.9 415.0
54 10.2FLI 15.00 18.1 415.0 0.80 Yes 30 x 30 18.1 415.0
55 10.2FLO 15.00 26.5 415.0 0.80 Yes 30 x 30 26.5 415.0
56 9GH2 15.00 24.7 415.0 0.47 Yes 20 x 40 24.7 415.0
57 9.6GHO.5 15.00 26.3 415.0 0.50 Yes 40 x 20 26.3 415.0
58 9.6GH3 15.00 27.0 415.0 0.45 Yes 45 x 15 27.0 415.0
59 2C 11.25 33.0 500.2 0.18 Yes 25 x 25 33.0 500.2
60 6LL 11.25 32.2 524.9 0.51 Yes 25 x 25 32.2 524.9
61 7L 11.25 30.8 524.9 0.37 Yes 25 x 25 30.8 524.9
62 8I 11.25 39.3 524.9 0.18 Yes 25 x 25 39.3 524.9
63 CD1 - - - 0.85 - - - -
64 CD2 - - - 0.65 - - - -
65 CD8 - - - 0.52 - - - -
66 DNY_1 11.25 35.3 372.3 0.26 No 25 x 25 35.3 372.3
67 DNY_2 11.25 25.7 372.3 0.37 No 25 x 25 25.7 372.3
68 DNY_3 11.25 24.6 372.3 0.23 No 25 x 25 24.6 372.3
69 DNY_4 11.25 19.1 372.3 0.27 No 25 x 25 19.1 372.3

70 Wey and Durrani  
(1992) SC0 11.25 39.3 524.9 0.25 Yes 25 x 25 39.3 524.9

71 1 8.00 35.1 457.6 0.32 Yes 30 x 20 35.1 457.6
72 2 8.00 35.1 457.6 0.32 Yes 30 x 20 35.1 457.6
73 3 8.00 15.0 457.6 0.49 Yes 30 x 20 15.0 457.6
74 4 8.00 15.0 457.6 0.56 Yes 30 x 12 15.0 457.6

75 Luo et al.        
(1994) II 11.25 20.7 379.0 0.08 No 25 x 25 20.7 379.0

76 ND1C 11.40 29.6 413.7 0.23 No 25 x 25 29.6 413.7
77 ND4LL 11.40 32.3 413.7 0.28 No 25 x 25 32.3 413.7
78 ND5XL 11.40 24.1 413.7 0.47 No 25 x 25 24.1 413.7
79 ND6HR 11.40 26.3 413.7 0.24 No 25 x 25 26.3 413.7
80 ND7LR 11.40 18.9 413.7 0.28 No 25 x 25 18.9 413.7
81 ND8B 11.40 39.2 413.7 0.20 No 25 x 25 39.2 413.7

82 Robertson et al. 
(2002) 1C 11.5 35.4 420.0 0.25 Yes 25 x 25 35.4 420.0

- Information was not available.

Label

Specimen properties

Slab Column

Robertson and 
Durrani          
(1990)

Dilger and Cao   
(1991)

ReferencesSpecimen 
Number

Johnson and 
Robertson (2001), 

from Enomoto 
and Robertson 

(2001)

Hawkins et al.    
(1989)

Farhey et al.     
(1993)

 Durrani and Du   
(1992)
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Fig. 4.2. Typical drop in lateral stiffness observed in the hysteresis loop of slab-column specimens used 

to identify the first damage state, light cracking, in some of the specimens. 

Similar problems were faced when trying to determine the interstory drifts associated with 

the second damage state, because only a few studies systematically reported cracking patterns 

and crack widths at various levels of lateral deformation. Careful study of the results of 

investigations where this information was provided (Pan and Moehle, 1988; Robertson and 

Durrani, 1990) suggests that cracking levels where concrete repair guidelines indicate that epoxy 

injection is necessary, typically occurs when top steel reinforcement is at yield or close to 

yielding. Therefore, in order to gather more data points associated with the second damage state, 

it was assumed that when no specific information of crack patterns and crack widths was 

available, this damage state occurs at peak interstory drifts at which top steel reinforcement was 

reported to yield or at peak interstory drifts at which a residual drift in the hysteresis loop was 

observed after unloading. Fig. 4.3 schematically illustrates the latter situation. The third column 

in Table 4.2 lists the interstory drifts that were identified or inferred corresponding to this 

damage state. Interstory drifts associated with severe cracking were obtained for 33 specimens 

(approximately 40% of the specimens). Information in this table indicates that interstory drifts 

associated with severe cracking range between 0.49% and 1.63% of the story height. 

With the exception of five specimens in which shear failure was not observed, all other 

specimens experienced a shear failure and the research reports contained information about the 

interstory drift at which the punching shear failure was observed. The fourth column in Table 4.2 

lists interstory drift ratios at which punching shear failures occurred in the specimens. It can be 

seen that drifts at which these failures occurred exhibit a very large dispersion and have been 

reported to occur for interstory drifts as small as 0.57% or as large as 8%.  
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Table 4.2. Interstory drift ratios used to develop fragility functions for the four damage states in slab-
column connections. 

(1) (2) (3) (4) (5) (1) (2) (3) (4) (5)
1 * * 3.80 44 * * 1.93
2 * * 5.80 45 * * 0.91
3 0.43 1.11 4.72 46 * * 2.39
4 0.30 1.11 4.22 47 * * 1.65
5 0.28 1.11 4.81 48 * * 1.48
6 0.65 0.76 3.75 49 * * 0.77
7 0.22 0.93 1.82 50 * * 0.80
8 0.32 0.76 2.18 51 * * 1.25
9 0.43 0.90 2.46 52 * * 0.91

10 0.42 0.69 1.39 53 * * 1.08
11 0.28 0.49 1.04 54 * * 0.79
12 0.35 0.69 ** 55 * * 1.09
13 * * 6.00 56 * * 0.80
14 * * 2.70 57 * * 1.48
15 * * 2.70 58 * * 0.57
16 0.31 * 4.47 59 0.64 1.50 5.00***

17 0.31 * 2.89 60 0.54 * 1.00 2.00
18 0.28 * 4.25 61 0.40 1.00 1.50 3.00
19 0.22 * 4.30 4.90 62 0.80 1.00 4.00 5.00
20 0.22 * 4.70 4.90 63 * * 0.90
21 0.31 0.89 3.11 64 * * 1.20
22 0.40 0.89 2.89 65 * * 1.40
23 0.36 0.89 4.32 66 0.50 * 4.50*** 5.00
24 0.28 0.98 3.30 67 0.50 * 2.00
25 0.20 0.77 1.60 2.60 68 0.50 * 4.50*** 5.00
26 0.50 0.75 1.50 1.60 69 0.50 * 4.70 6.00
27 0.25 0.80 3.70 5.00 70 * * 5.0
28 0.50 0.79 3.50 3.50 71 0.19 1.63 3.48 4.70
29 * * 2.27 72 0.19 1.27 2.53 3.70
30 * * 1.70 73 0.28 1.20 2.40 3.30
31 * * 1.36 74 0.28 0.82 3.16 3.80
32 * * 1.48 75 0.40 1.00 5.00***

33 * * 1.08 76 0.74 1.48 8.00
34 * * 0.97 77 0.54 0.76 5.00
35 * * 1.62 78 0.43 1.00 2.00
36 * * 1.97 79 0.71 1.07 4.00 5.00
37 * * 1.27 80 0.43 1.00 5.00
38 * * 1.62 81 0.50 1.14 5.00
39 * * 1.73 82 0.70 1.40 3.50 4.00
40 * * 1.48 * Information was not available.
41 * * 2.59 ** Punching shear failure did not occur. 
42 * * 1.25 *** IDR corresponds to a flexural failure. 
43 * * 1.25

IDRDS3  

(%)
IDRDS4  

(%)
Specimen 
Number

Specimen 
Number

IDRDS1  

(%)
IDRDS2  

(%)
IDRDS4  

(%)
IDRDS3  

(%)
IDRDS1  

(%)
IDRDS2  

(%)

 



Chapter 4  Assessment of components fragility functions 75

As mentioned before, most experimental studies have been aimed at investigating punching 

shear failures, and in particular at obtaining information on the parameters that influence the 

moment capacity and deformation at which punching shear failure occurs. Hence, in most cases 

testing was stopped after punching shear failure was observed. There are no investigations in 

which testing continued until a complete loss of vertical carrying capacity and subsequent local 

collapse occurred. This is because of the difficulty of providing a testing setup that would allow 

for this condition to occur in the laboratory and to avoid damage to load cells, loading equipment 

and instrumentation. However, there are six studies representing a total of 18 cases in which the 

specimens were subjected to one or more cycles or larger deformations after punching shear 

failure was observed. The main goal of these subsequent cycles was the investigation of post-  

Lateral Load

IDR
2DSIDR

Residual displacement

Lateral Load

IDR
2DSIDR

Residual displacement

 
Fig. 4.3. The first occurrence of a residual lateral drift in the hysteresis loop of a slab-column connection 

specimen used to identify the second damage state, severe cracking, in some of the specimens. 

punching behavior of the slab-column connections. While this information does not provide 

direct information about the interstory drift ratio at which complete loss of vertical carrying 

capacity occurs, it is still very valuable information as it provides information to obtain a 

conservative estimate of the probability of experiencing loss of vertical carrying capacity in the 

connection. Maximum drifts at which testing was stopped in specimens where post-punching 

behavior was studied range between 1.6% and 6.0%. 
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4.2.1.3. Fragility functions 

As shown in Table 4.2, the interstory drift at which each damage state was observed shows 

important variations from one specimen to another. In order to estimate how likely it is that a 

particular damage state will occur in the structure undergoing a specific level of interstory drift, it 

is very important to take into account this specimen-to-specimen variability. In this study, this 

uncertainty is explicitly taken into account by using drift-based fragility functions. Drift-based 

fragility functions provide a way of estimating the level of damage in slab-column connections. 

In particular, a drift-based fragility function provides information about the probability of 

experiencing or exceeding a particular damage state as a function of the peak interstory drift ratio 

experienced by the connection. In other words, they provide the probability of experiencing or 

exceeding a particular damage state conditioned on the peak interstory drift (i.e. the ordinates are 

conditional probabilities). 
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Fig. 4.4. Fragility functions fitted to interstory drift ratios corresponding to the first and second damage 

states in slab-column connections.  

In order to obtain fragility functions, cumulative frequency distribution functions of 

interstory drifts corresponding to the four damage states were obtained by plotting ascending-

sorted interstory drifts at which each damage state was experimentally observed against (i-0.5)/n, 

where i is the position of the peak interstory drift in the sorted list of interstory drifts and n is the 

number of specimens in which the drift associated with the damage state was identified. These 

cumulative frequency distribution functions provide information about the portion of the data set 

(a) (b)
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corresponding to each damage state that does not exceed a particular value of drift and represent 

an empirically derived cumulative distribution function. 

Figs. 4.4a and 4.4b show cumulative distribution functions for the first and second damage 

states, respectively. It can be seen that damage state 1 (light cracking) is not likely to be observed 

if the interstory drift is smaller than about 0.2%, and would be almost certain to occur if the peak 

interstory drift ratio in the slab-column connection is larger than 0.8%. The graph also shows that 

the first damage state was observed in half the specimens when an interstory drift ratio of about 

0.4% was reached. Similarly, damage state 2 (severe cracking needing epoxy injection) would 

not be likely to be observed if the peak interstory drift is smaller than 0.5%, but is almost certain 

to occur if the peak interstory drift ratio exceeds 1.6%. This damage state occurred in half of the 

specimens when the interstory drift reached 0.9%.  Also plotted in these figures are fitted 

lognormal cumulative distribution functions of the interstory drift ratios given by 
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where )|( idrIDRdsDSP i =≥  is the probability of experiencing or exceeding damage state i, IDR  is 

the median of the IDR’s, and IDRLnσ  is the standard deviation of the natural logarithm of the 

IDR’s and Φ is the cumulative standard normal distribution. It can be seen that the lognormal 

distribution fits the data relatively well. In order to verify if the cumulative distribution function 

could be assumed as lognormally distributed, a Kolmogorov-Smirnov goodness-of-fit test 

(Benjamin and Cornell, 1970) was conducted. Also shown in Figs. 4.4a and 4.4b are graphical 

representations of this test for 10% significance levels. The hypothesis that the assumed 

cumulative probability distribution adequately fits the empirical data is accepted if all data points 

lie between the two gray lines. It can be seen that for both damage states this assumption is 

adequate. Parameters for the fitted lognormal probability distribution are given in Table 4.3. 

Empirical and fitted cumulative distribution functions for the third damage state are shown in 

Fig. 4.5. Also shown in the figure are the 10% significance levels of the Kolmogorov-Smirnov 

goodness-of-fit test which indicate that the lognormal assumption is also valid for the third 

damage state. The corresponding parameters for the cumulative distribution of this damage state 

are given in Table 4.3. It can be seen that the dispersion parameter ( IDRLnσ ) for the third damage 

state is 0.62 which is 1.6 times larger than the level of dispersion corresponding to the first 

damage state and 2.5 times larger than the dispersion corresponding to the second damage state. 
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This means that the estimation of whether a punching shear failure is likely to occur in a slab-

column connection is very uncertain if only the peak interstory drift ratio is used.  

 
Table 4.3. Statistical parameters estimated for interstory drift ratios corresponding to the four damage 

states in slab-column connections. 
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Fig. 4.5. Fragility function fitted to interstory drift ratios corresponding to the third damage state, 

punching shear failure, in a slab-column connection. 

Experimental research has shown that the deformation capacity of slab-column connections 

is a function of the level of gravity load. In particular, Pan and Moehle (1988), Moehle et al. 

(1988), Robertson and Durrani, (1990) indicated that the displacement ductility ratio at which 

punching shear failure occurs is a function of the gravity load ratio Vg/V0, where Vg is the vertical 

shear that acts on the slab critical section defined at a distance d/2 from the column face in which 

(%)IDR IDRLnσ
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d is the average slab effective depth, and the normalizing shear force V0 is the theoretical 

punching shear strength in the absence of moment transfer in the connection, which according to 

ACI-352 (1988) is given by 

dbfdbfV cc
c

000 3
1

3
1

6
1 ′≤′⎟⎟

⎠

⎞
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⎝

⎛
+=
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          (4.2) 

where βc is the ratio of long to short cross-sectional dimensions of the supporting column, cf ′  is 

the compressive strength of concrete in MPa and not to exceed 40 MPa, b0 is the perimeter length 

of the slab critical section in mm, and d is the slab effective width in mm. For most columns 

encountered in practice in which the long to short dimensions is smaller than two the maximum 

limit shown in Eq. (4.2) governs. More recently, Hueste and Wight (1999) proposed a trilinear 

equation to estimate the drift at which punching shear failure occurs, also as a function of the 

vertical shear ratio. Based on these previous studies, fragility surfaces were developed for the 

third and fourth damage states, in which the probability of experiencing or exceeding a punching 

shear failure or the probability of the connection loosing the vertical carrying capacity are 

computed as a function of the peak interstory drift ratio and the vertical shear ratio.  

Column seven in Table 4.1 lists the gravity shear ratio in all specimens where punching shear 

failure was observed. Fig. 4.6a shows the drift at which punching shear failure occurred as a 

function of the vertical shear ratio, Vg/V0. Also shown in the figure is the trilinear variation of the 

drift punching shear capacity proposed by Hueste and Wight (1999). This figure shows results 

from 77 specimens, which represent 44 data points in addition to those originally gathered by 

Hueste and Wight. In the proposed fragility surface, the probability of experiencing punching 

shear failure in a slab-column connection is computed with Eq. (4.1), but the median interstory 

drift capacity is computed as a function of the level of gravity load present in the slab at the time 

of the earthquake with the following equation 
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Fig. 4.6b shows the variations of the residuals, estimated as the ratio between the interstory 

drift ratio at which punching shear failure was reported for each specimen to the interstory drift 

ratio estimated from Eq. (4.3). Parameters shown in the figure are; coefficient b which is the 

slope of the regression line, coefficient t which is a measure of standard error that can be used to 

see if there is any bias introduced by using Eq. (4.3) to estimate interstory drift ratio at punching 
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shear failure as a function of the gravity shear ratio, and ρ which is the correlation coefficient 

between the residuals and the gravity shear ratio at different slab-column specimens. Significance 

tests explained in chapter 3 was used to evaluate the null hypothesis that if the fit provided in Eq. 

(4.3) produces a bias when estimating interstory drift ratio. It was found that Eq. (4.3) does not 

introduce any bias in estimating the median interstory drift corresponding to punching shear 

failure in slab-column connections, since the null hypothesis was passed. 

ε (residuals)

-1.5

-1.0

-0.5

0.0

0.5

1.0

1.5

0.0 0.2 0.4 0.6 0.8 1.0

0V
Vg

 b  = -0.173
 t  = -1.495
 |ρ | = 0.136

IDRDS3

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0.07

0.08

0.0 0.2 0.4 0.6 0.8 1.0

 Data 

 Hueste et al. (1999)

 This study, Eq. (4.3) 

0V
Vg

σ ln IDR

0.0

0.1

0.2

0.3

0.4

0.5

0.6

0.0 0.2 0.4 0.6 0.8 1.0

 Data 

This study, Eq. (4.4) 

0V
Vg

DS 3

ε (residuals)

-1.5

-1.0

-0.5

0.0

0.5

1.0

1.5

0.0 0.2 0.4 0.6 0.8 1.0

0V
Vg

 b  = -0.173
 t  = -1.495
 |ρ | = 0.136

IDRDS3

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0.07

0.08

0.0 0.2 0.4 0.6 0.8 1.0

 Data 

 Hueste et al. (1999)

 This study, Eq. (4.3) 

0V
Vg

σ ln IDR

0.0

0.1

0.2

0.3

0.4

0.5

0.6

0.0 0.2 0.4 0.6 0.8 1.0

 Data 

This study, Eq. (4.4) 

0V
Vg

DS 3

 
Fig. 4.6. (a) Variations of interstory drift ratio at punching shear failure, IDRDS3 , with changes in the 

level of gravity shear, Vg/V0, in slab-column connections; (b) Variations of the residuals of IDRDS3 , ε, with 

changes in Vg/V0 .(c) Variations of the dispersion of the IDRDS3 with changes in Vg/V0. 

(a) (b) 

(c) 
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Information presented in Fig. 4.6a can be used to estimate the variations of the dispersion of 

the interstory drift corresponding to punching shear failure in slab-column connections as a 

function of the level of gravity shear ratio. Dispersion is defined as the logarithmic standard 

deviation of the interstory drift ratios around the median interstory drift ratio, computed with Eq. 

(4.3), for a group of specimens that their gravity shear ratio is within a certain range (i.e. that are 

within a certain gravity load ratio window width). The variation of the logarithmic standard 

deviation of the interstory drift ratio with changes in gravity load ratio is obtained by moving the 

gravity load ratio window while assuming a constant width for the window and estimating the 

dispersion for those specimens that fall into the gravity load ratio range of the window. 

Rhomboids shown in Fig. 4.6c show the variations of the dispersion of the interstory drifts at 

which punching shear failure occurred around the median interstory drift, computed with Eq. 

(4.3), as a function of the gravity load ratio using the above moving window approach. It can be 

seen that the level of dispersion significantly increases as the level of gravity shear ratio 

increases. Points shown in this graph were obtained using windows with a gravity load ratio 

width of 0.2 moving at increments of 0.05. It was found that this variation of dispersion with 

changes with the level of gravity load ratio can be approximated as follows  
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Fig. 4.6c also shows the variation of dispersion computed with Eq. (4.4), where it can be 

seen that this equation captures relatively well the variation of the dispersion parameter as a 

function of the gravity shear ratio. Fig. 4.7a shows the fragility surface resulting from the use of 

Eqs. (4.1), (4.3) and (4.4). Fig. 4.7b shows fragility functions for the third damage state 

computed with Eqs. (4.3) and (4.4) for slab-column connections with gravity shear ratios equal to 

0.1, 0.3 and 0.5. Comparison of Figs. 4.5 and 4.7b shows that computing the two parameters of 

the lognormal distribution as a function of the gravity shear ratio using Eqs. (4.3) and (4.4) leads 

to much better estimations of the probability of experiencing or exceeding a damage 

corresponding to a punching shear failure. For example, in a slab-column connection with a 

vertical shear ratio of 0.1 subjected to an interstory drift ratio of 0.02, the probability of 

experiencing or exceeding a punching shear failure is essentially zero, while if the effect of the 

gravity load ratio is neglected (as done in Fig. 4.5), this probability would be estimated as 46%, 

hence, significantly overestimating the fragility of the connection. Similarly, if a slab-column 

connection with a vertical shear ratio of 0.5 is subjected to the same level of drift, there is  a  very  
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Fig. 4.7. Proposed fragility surface to account for high levels of specimen-to-specimen variability for the 

third damage state in slab-column connections: (a) 3-dimensional presentation; (b) 2-dimensional 

presentation. 

high probability of experiencing or exceeding a punching shear failure (p=75%), whereas if the 

effect of the gravity load ratio is neglected (as done in Fig. 4.5), this probability would be 

underestimated by 29% (p=46%). 

In order to obtain an estimate of the probability of experiencing loss of vertical carrying 

capacity, for each specimen that was subjected to further cyclic loading after the punching shear 

failure was observed, the following ratio was computed 

3

4

DS

DS

IDR
IDR

=Γ                   (4.5) 

where IDRDS4 is the interstory drift ratio at which the test was stopped in specimens where the 

post-punching shear failure behavior was studied. This ratio of drifts can be interpreted as an 

amplification factor acting on the drift corresponding to punching shear failure in order to obtain 

a conservative estimate of the drift at which loss of vertical carrying capacity occurs. Fig. 4.8 

shows a cumulative frequency distribution of Γ , P(Γ<γ), corresponding to the 18 specimens in 

which post-punching shear failure loading was studied. It can be seen that these ratios of drifts 

range from 1.04 to 2.0 with an average value of 1.3. Also shown in this figure is a lognormal fit 

of this parameter using a shifted lognormal distribution with median equal to 1.23 and 

logarithmic standard deviation of 0.2, as well  as  10%  significance  levels  of  the  Kolmogorov-  

(a) (b)
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Fig. 4.8. Lognormal cumulative distribution function fitted to the cumulative frequency distribution of Γ 

to develop a conservative estimate fragility function for the loss of vertical carrying capacity damage state in 

slab-column connections. 

Smirnov goodness-of-fit test. As shown in this figure all data points lie within the confidence 

bands, indicating that it is adequate to assume that this ratio is also lognormally distributed. 

The interstory drift ratio at which loss of vertical carrying capacity occurs is assumed to be 

lognormally distributed with median and logarithmic standard deviations given by 

34 23.1 DSDS IDRIDR ⋅=              (4.6) 

04.03.0
334

2 +−=
DSDSDS IDRLnIDRLnIDRLn σσσ    (4.7) 

The value of -0.3 in Eq. (4.7) corresponds to the correlation between the drift in which 

punching shear failure was reported and the amplification factor Γ. As explained earlier, full loss 

of vertical carrying capacity was not reached in any of the tests, so the fragility surface computed 

with Eqs. (4.1), (4.6) and (4.7) and shown in Fig. 4.9a provides a conservative estimate of the 

probability of losing vertical carrying capacity at a given drift. Fig. 4.9b shows fragility functions 

of loss of vertical carrying capacity for slab-column connections with vertical shear ratios of 0.1, 

0.3 and 0.5. It can be seen that if the vertical shear ratio has a low value such as 0.1, that could be 

the result of a relatively thick slab and/or a small gravity load, loss of vertical carrying capacity is  
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Fig. 4.9. Fragility surface developed for the loss of vertical carrying capacity damage state in slab-

column connections; (a) 3-dimensional presentation, (b) 2-dimensional presentation. 

not likely to occur, provided that peak interstory drift ratios are smaller than 3.8%. However, if 

one wants to avoid the possibility of having a loss of vertical carrying capacity in a slab-column 

connection with a high level of gravity shear ratio, such as 0.5, the peak interstory drift demands 

need to be limited to 0.6%.  

As can be seen in Fig. 4.9 estimating the two parameters of the lognormal distribution for 

DS4 as a function of the gravity shear ratio leads to much better estimations of the probability of 

experiencing LVCC. Furthermore, neglecting the effect of gravity load can lead to results that in 

some cases are too conservative while in other are unconservative. For example, in a slab-column 

connection with a vertical shear ratio of 0.1 subjected to an IDR of 0.04, the probability of 

experiencing a loss of vertical carrying capacity is approximately 2%. However, if the effect of 

the gravity load ratio is neglected this probability would be estimated as 55% which is 

significantly larger. Similarly, if a slab-column connection with a vertical shear ratio of 0.5 is 

subjected to the same level of IDR, there is a 97% probability of experiencing LVCC, whereas if 

the effect of gravity load ratio is neglected this probability would be 55%, underestimated by 

42%. 

It should be noted that the drift level at which the loss of vertical carrying capacity damage 

state occurs in a slab-column connection is not only strongly influenced by the level of gravity 

load in the specimen, but also on whether or not the slab has longitudinal steel reinforcement that 

is continuous through the column reinforcement cage. In particular, slab-column connections 

(a) (b) 
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with continuous bottom reinforcement may continue to resist significant vertical loads following 

initial punching failure of the slab. Therefore, continuous bottom slab reinforcement significantly 

increases the drift associated with loss of vertical carrying capacity. Column 8 in Table 4.1 

summarizes the information on whether the slab bottom reinforcement passed through the 

column reinforcement cage for the slab-column specimens considered in this study. In particular, 

11 specimens did not contain any continuous bottom reinforcement which leads to lower levels 

of drift corresponding to experiencing loss of vertical carrying capacity, but post-punching 

behavior was only studied in only 4 of these specimens. Results from these 4 specimens indicate 

that, even when there is no continuous bottom reinforcement, the connection does not loose its 

vertical carrying capacity immediately after experiencing punching shear failure, since top slab 

reinforcement, though less reliable and less efficient than bottom slab reinforcement, is capable 

of resisting vertical load following initial punching (Pan and Moehle, 1992). For example, even 

though specimen 69 had no slab bottom reinforcement passing through the column, the test was 

stopped at 6% drift ratio, which corresponds to a drift 28% larger than the one at which the 

punching shear failure occurred. Since the maximum drift shown in Table 4.2 corresponds to the 

drift at which testing was stopped and not necessarily to the drift at which full loss of vertical 

carrying capacity (collapse) occurred, results of the four specimens with no bottom reinforcement 

passing through the column and where post-punching shear failure was studied, do not show a 

clear trend of increased drift capacity compared to that of the other 14 specimens. But clearly this 

should not be interpreted as the bottom reinforcement not increasing the drift at which loss of 

vertical carrying capacity occurs, simply that the test setup, or loading protocols did not permit 

this to be observed in the laboratory.  

4.2.1.4. Probability of being at each damage state 

Fragility functions developed for a slab-column connection can be used to estimate the 

probability that the connection is at a specific damage state when it is subjected to a certain level 

of interstory drift ratio. This probability is a primary input when performing loss estimation in 

buildings (Miranda and Aslani, 2003b) and can be estimated as the arithmetic difference between 

fragility functions corresponding to two consequent damage states as follows 
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where i = 0 corresponds to the state of no damage in the component, ( )idrIDRdsDSP i =≥ |  is the 

fragility function for the ith damage state of a component which is computed form Eq. (4.1), and 

m is the number of damage states defined for the component, and for the case of slab-column 

connections is 4. 
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Fig. 4.10. (a), (c) Component-specific fragility curves for slab-column connections with gravity shear 

ratios equal to 0.2 and 0.5, respectively; (b), (d) Probability of being at each damage state for each connection 

computed with Eq. (4.8). 

In order to apply Eq. (4.8) to a specific slab-column connection, it is first required to estimate 

fragility curves corresponding to all the damage states defined in the connection. Figs. 4.10a and 

4.10c present fragility functions corresponding to the four damage states defined for slab-column 

connections at two levels of gravity shear ratio, e.g. at two different locations in a building. 

Fragility functions presented in these figures can then be used in Eq. (4.8) to estimate the 

probability of being at each damage state as a function of the level of interstory drift ratio in the 

(a) 

(c) 

(b) 

(d) 
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slab-column connection. Figs. 4.10b and 4.10d show the probability of being at each damage 

state for slab-column connections with gravity shear ratios equal to 0.2 and 0.5, respectively. 

Each curve on these graphs present the variations of the probability of being at a damage state as 

a function of the interstory drift ratio. For example, as can be seen in Fig. 4.10b, for a connection 

with a gravity load ratio of 0.2 and at 1% drift, the probability that the connection is in the first 

damage state is 40% while there is a 58% probability for the connection to be in the second 

damage state. The probability that the connection has not experienced any physical damage is, 

therefore, only 2%. At 5% drift, however, the connection for sure has experienced physical 

damage and there is a 30% probability that the connection is in the second damage state, 35% to 

be in the third damage state and 35% to be in the last damage state. As the level of gravity shear 

ratio increases, punching shear failure and loss of vertical carrying capacity damage states occur 

at significantly lower levels of interstory drift ratio, as can be seen in Fig. 4.10d.  

4.2.1.5. Fragility functions and probability of being at each damage state for the 

slab-column connections of the case study building 

Fragility functions developed for slab-column connections were used to estimate probability 

of being at each damage state in the slab-column connections of the building. Since the last two 

damage states in a slab-column connection, punching shear failure and loss of vertical carrying 

capacity, are functions of the level of gravity shear ratio in the connection, this ratio was first 

computed for  connections  at  different  stories  of  the  building.  Fig. 4.11  shows  variations  of  
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Fig. 4.11. Variations of the gravity shear ratio in slab-column connections of the case study building 

along the height. 
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Fig. 4.12. (a), (c), (e) Fragility functions for slab-column connections of the case study building. (b), (d), 

(f) Probability of being at each damage state for the connections of the case study building. 

(a) (b) 

(d) (c) 

(f) (e) 
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Gravity shear ratio in slab-column connections of the case study building along the height of the 

building. As can be seen in the figure, with the exception of the second and last floors, gravity 

shear ratio does not change in different stories. The variation in the gravity shear ratio at these 

two floors is caused by variations in the slab thickness, and changes in the concrete compressive 

strength.  

Fig. 4.12 presents fragility functions for slab-column connections in the case study building 

for the three different levels of gravity shear ratio in the building; second floor, typical floors 

(third to seventh floors), and roof (eighth floor). Also shown in the figure is the probability of 

being at each damage state for each type of the slab-column connections in the case study 

building, computed with Eq. (4.8).  

4.2.2 Reinforced concrete columns with light transverse reinforcement 

4.2.2.1 Definition of damage states 

Four discrete damage states have been defined for non-ductile reinforced concrete columns 

on the basis of specific actions that would have to be taken as a result of the observed damage in 

the component as follows:  

DS1 Light Cracking: This damage state corresponds to visible crack widths that are not large 

enough to justify the need for epoxy crack injection but may require a light repair to improve the 

aesthetic appearance of the column. The description of this damage state and repair actions 

associated with it are similar to the light cracking damage state in slab-column connections. The 

reader is referred to section 4.2.1.1 for a detailed description of this damage state and its 

corresponding repair actions. 

DS2 Severe Cracking: Cracking in this damage state involves wider and deeper crack widths 

and is more extensive compared to the light cracking damage state. The repair action associated 

with this damage state consists of epoxy injection of the cracks, in order to partially restore the 

original strength and stiffness of the column.  

DS3 Shear Failure: Reinforced concrete columns with light transverse reinforcement are very 

vulnerable to experiencing shear failure. This is mainly because as the lateral loading increases, it 

is highly likely that the transverse reinforcement yields. This yielding of transverse reinforcement 

is mainly a function of the amount of transverse reinforcement used in the column (i.e. for 

columns with light transverse reinforcement the yielding occurs at earlier stages of loading 

compared to ductile columns). Once the transverse reinforcement yielded, deterioration of the 

shear carrying capacity of the concrete starts which leads to experiencing a shear failure in the 

column. The reader is referred to Wight and Sozen (1975) for a detailed description on the shear 
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carrying mechanism and shear failure mechanism in reinforced concrete columns. Repair actions 

associated with this damage state include the following: (i) Installation of shoring adjacent to the 

column to support the gravity load resisting system during repair of the column, (ii) Removing 

the spall concrete using a chipping hammer and cleaning the column surface using compressed 

air and a brush, (iii) Rebar replacement for cases where reinforcing bars are significantly 

distorted, (iv) Stitching the shear cracks using reinforcing bars and epoxy injection. Crack 

stitching is usually performed by drilling holes across the crack (FEMA 308, 1999). The holes 

should be deep enough to develop the strength of the reinforcing bars in the column and in the 

substrate above or bellow and should intersect the crack at approximately a 45 degree angle. 

Epoxy is placed in the hole and then reinforcing bar is inserted into the hole. Enough epoxy 

should be placed in the hole so that some epoxy is forced out of the hole when reinforcing bar is 

placed. 

DS4 Loss of Vertical Carrying Capacity (Axial Failure):  

The last damage state in non-ductile reinforced concrete columns is loss of vertical carrying 

capacity (LVCC). If there is no possibility to redistribute the vertical load to other members, this 

damage state has possible disastrous consequences, since it can lead to a local collapse or 

progressive total collapse.  

4.2.2.2 Experimental results used in this study 

Estimation of the probability of experiencing various damage states in non-ductile reinforced 

concrete columns requires gathering information about the level of lateral deformation at which 

various damage states have been observed in columns subjected to earthquake loading. Since the 

level of lateral deformation in various stories of actual buildings that have sustained earthquake 

damage is in most cases unknown, results from experimental studies have been used to establish 

levels of lateral deformations associated with the four, previously described, damage states.  

Elwood (2002) provides an excellent summary on previous experimental research conducted 

on non-ductile columns that includes a database of 50 specimens. As part of this study, an 

expanded database was prepared that includes a total of 92 specimens of reinforced concrete 

columns. Information about the material properties and characteristics of all specimens 

considered in this study is summarized in Table 4.4, which includes results from 20 different 

experimental research investigations. In Table 4.4, column with the header entitled “section” 

corresponds to the section width and height dimensions of the specimens, d corresponds to the 

depth to centerline of tension reinforcement, s is the tie spacing, ρlong. is the longitudinal 

reinforcement ratio computed as Asl/bh, where Asl is the area of the  longitudinal  reinforcement, b  
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Table 4.4. Properties of reinforced concrete column specimens considered in this study. 

Specimen 
Number References Label Section       

(cm x cm) d (cm) s (cm) ρlong. ρ" fyl 

(Mpa)
fyt 

(Mpa)
f'c 

(Mpa)
P     

(KN)
V    

(KN)

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11) (12) (13)
1 372 19.7 x 19.7 16.7 9.75 0.010 0.0031 524 352 20 155.7 74.3
2 373 19.7 x 19.7 16.7 9.75 0.020 0.0031 524 352 20 155.7 88.1
3 452 19.7 x 19.7 16.7 9.75 0.030 0.0031 359 607 22 391.4 110.3
4 454 19.7 x 19.7 16.7 9.75 0.040 0.0031 359 607 22 391.4 110.3
5 43 19.7 x 19.7 17.0 9.75 0.020 0.0028 434 558 20 80.1 73.8
6 44 19.7 x 19.7 17.0 9.75 0.020 0.0028 434 558 20 80.1 76.5
7 45 19.7 x 19.7 17.0 9.75 0.020 0.0028 434 558 20 155.7 82.3
8 46 19.7 x 19.7 17.0 9.75 0.020 0.0028 434 558 20 155.7 80.5
9 62 19.7 x 19.7 17.0 9.75 0.020 0.0028 345 476 20 80.1 57.8

10 63 19.7 x 19.7 17.0 9.75 0.020 0.0028 345 476 20 155.7 68.5
11 64 19.7 x 19.7 17.0 9.75 0.020 0.0028 345 476 20 155.7 68.5
12 205 19.7 x 19.7 17.7 9.75 0.020 0.0028 462 324 18 155.7 71.2
13 207 19.7 x 19.7 17.7 9.75 0.020 0.0028 462 324 18 155.7 105.9
14 214 19.7 x 19.7 17.7 19.75 0.020 0.0014 462 324 18 391.4 82.7
15 220 19.7 x 19.7 17.7 11.75 0.010 0.0011 379 648 33 155.7 78.3
16 231 19.7 x 19.7 17.7 9.75 0.010 0.0013 324 524 15 155.7 50.7
17 232 19.7 x 19.7 17.7 9.75 0.010 0.0013 324 524 13 155.7 58.3
18 233 19.7 x 19.7 17.7 9.75 0.010 0.0013 372 524 14 155.7 68.9
19 234 19.7 x 19.7 17.7 9.75 0.010 0.0013 372 524 13 155.7 67.2
20 40.033a 15 x 30 26.3 12.50 0.024 0.0033 496 345 35 189.0 99.2
21 40.033 15 x 30 26.3 12.50 0.024 0.0033 496 345 34 177.9 101.4
22 25.033 15 x 30 26.3 12.50 0.024 0.0033 496 345 34 111.2 104.5
23 0.033 15 x 30 26.3 12.50 0.024 0.0033 496 345 32 0.0 98.3
24 40.048 15 x 30 26.3 8.75 0.024 0.0048 496 345 26 177.9 94.3
25 0.048 15 x 30 26.3 8.75 0.024 0.0048 496 345 26 0.0 105.0
26 2D16RS 19.7 x 19.7 17.2 4.93 0.020 0.0057 372 317 32 182.8 101.9
27 4D13RS 19.7 x 19.7 17.2 4.93 0.027 0.0057 372 317 30 182.8 110.8
28 U1 34.5 x 34.5 30.0 14.75 0.033 0.0030 430 470 44 0.0 274.9
29 U2 34.5 x 34.5 30.0 14.75 0.033 0.0030 453 470 30 600.5 270.0
30 U3 34.5 x 34.5 30.0 7.50 0.033 0.0060 430 470 35 600.5 268.2
31 U-7 39.5 x 39.5 37.0 11.75 0.024 0.0047 446 382 29 462.6 327.8
32 U-8 39.5 x 39.5 37.0 11.75 0.024 0.0052 446 382 34 1072.0 392.8
33 U-9 39.5 x 39.5 37.0 11.75 0.024 0.0057 446 382 34 1636.9 429.7
34 SC3 45 x 90 38.8 40.00 0.019 0.0022 434 400 22 0.0 450.2
35 SC9 45 x 90 70.0 40.00 0.019 0.0005 434 400 16 0.0 644.3
36 1 10 x 10 8.2 10.00 0.010 0.0014 448 379 24 94.3 8.5
37 2 10 x 10 8.2 10.00 0.010 0.0014 448 379 24 94.3 9.0
38 3 10 x 10 8.2 10.00 0.010 0.0014 448 379 24 30.9 7.0
39 4 10 x 10 8.2 10.00 0.010 0.0014 448 379 24 30.9 6.5
40 H-2-1/5 19.7 x 19.7 17.2 4.93 0.025 0.0052 359 365 23 161.0 103.2
41 HT-2-1/5 19.7 x 19.7 17.2 7.38 0.025 0.0052 359 365 20 141.5 101.9
42 H-2-1/3 19.7 x 19.7 17.2 3.93 0.025 0.0065 359 365 23 268.7 120.5
43 HT-2-1/3 19.7 x 19.7 17.2 5.90 0.025 0.0065 359 365 20 235.8 111.7
44 Yalcin (1997) BR-S1 54.25 x 54.25 47.5 29.50 0.020 0.0010 445 425 45 2086.2 578.3
45 S1 40 x 40 32.0 10.00 0.021 0.0031 535 511 29 450.0 296.4
46 S3 40 x 40 32.0 10.00 0.021 0.0015 535 511 31 450.0 285.7

Kokusho 
(1964)

Kokusho and 
Fukuhara 

Ikeda (1968)

Umemura 
and Endo 

(1970)

Aboutaha 
(1994) 

Aycardi et 
al.(1994)

Esaki (1996)

Wight and 
Sozen (1973)

Ohue et al. 
(1985)

Saatcioglu 
and Ozcebe 

(1989)

Li et al. 
(1991)

Mo and 
Hwang (1999)  
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Table 4.4(continued). Properties of reinforced concrete column specimens considered in this study. 

Specimen 
Number References Label Section       

(cm x cm) d (cm) s (cm) ρlong. ρ" fyl 

(Mpa)
fyt 

(Mpa)
f'c 

(Mpa)
P     

(KN)
V     

(KN)

(1) (2) (3) (4) (5) (6) (7) (8) (9) (10) (11) (12) (13)
47 S5 40 x 40 32.0 10.00 0.021 0.0015 535 511 34 450.0 263.2
48 S6 40 x 40 32.0 5.00 0.021 0.0031 535 511 35 450.0 270.5
49 FS0 30 x 30 25.5 7.50 0.038 0.0070 387 355 27 631.8 207.0
50 FS1 30 x 30 25.5 7.50 0.038 0.0070 387 355 27 631.8 198.0
51 FS2 30 x 30 25.5 7.50 0.038 0.0070 387 355 27 631.8 175.0
52 S1 40 x 40 32.0 18.00 0.038 0.0022 547 355 25 451.8 400.0
53 S2A 40 x 40 32.0 18.00 0.038 0.0022 547 355 25 451.8 388.0
54 S2 40 x 40 32.0 18.00 0.038 0.0022 547 355 25 451.8 378.0
55 3CLH18 45 x 45 37.5 45.00 0.030 0.0010 331 400 26 502.6 271.3
56 3SLH18 45 x 45 37.5 45.00 0.030 0.0010 331 400 26 502.6 266.9
57 2CLH18 45 x 45 37.5 45.00 0.020 0.0010 331 400 33 502.6 240.2
58 2SLH18 45 x 45 37.5 45.00 0.020 0.0010 331 400 33 502.6 231.3
59 2CMH18 45 x 45 37.5 45.00 0.020 0.0010 331 400 26 1512.4 315.8
60 3CMH18 45 x 45 37.5 45.00 0.030 0.0010 331 400 28 1512.4 338.1
61 3CMD12 45 x 45 37.5 30.00 0.030 0.0017 331 400 28 1512.4 355.9
62 3SMD12 45 x 45 37.5 30.00 0.030 0.0017 331 400 26 1512.4 378.1
63 X-1 26.7 x 26.7 20.0 16.40 0.030 0.0009 395 270 42 1796.5 302.4
64 X-2 26.7 x 26.7 20.0 16.40 0.030 0.0009 395 270 42 1197.7 327.6
65 X-3 26.7 x 26.7 20.0 5.50 0.030 0.0028 395 270 42 1197.7 305.6
66 X-4 16 x 16 11.0 8.80 0.035 0.0029 370 270 42 698.9 71.8
67 X-5 16 x 16 11.0 26.40 0.035 0.0029 370 270 42 698.9 75.6
68 X-7 16 x 16 11.0 8.80 0.035 0.0029 433 270 47 481.3 77.2
69 X-8 26.7 x 26.7 20.0 10.00 0.030 0.0016 395 270 47 1340.2 259.6
70 X-9 26.7 x 26.7 20.0 10.00 0.030 0.0016 395 270 47 2010.3 305.1
71 2CLD12 45 x 45 38.8 30.00 0.025 0.0017 441 469 21 667.2 314.9
72 2CHD12 45 x 45 38.8 30.00 0.025 0.0017 441 469 21 2668.9 359.0
73 2CVD122 45 x 45 38.8 30.00 0.025 0.0017 441 469 21 2224.1 300.7
74 2CLD12M 45 x 45 38.8 30.00 0.025 0.0017 441 469 22 667.2 294.5
75 A-1 15 x 45 24.0 20.00 0.009 0.0013 349 289 18 334.0 134.2
76 B-1 30 x 30 33.0 16.00 0.017 0.0008 338 289 18 477.0 175.3
77 10-2-3 15 x 30 25.0 7.50 0.025 0.0009 453 411 33 133.4 111.2
78 10-3-1½ 15 x 30 25.0 3.75 0.025 0.0017 453 411 33 133.4 111.2
79 10-3-3 15 x 30 25.0 7.50 0.025 0.0009 453 411 28 133.4 111.2
80 10-3-2¼ 15 x 30 25.0 5.63 0.025 0.0012 453 411 28 133.4 111.2
81 20-3-1½ 15 x 30 25.0 3.75 0.025 0.0017 453 411 28 266.9 129.0
82 20-3-3 15 x 30 25.0 7.50 0.025 0.0009 453 411 36 266.9 129.0
83 10-2-2¼ 15 x 30 25.0 5.63 0.025 0.0012 453 411 36 133.4 115.7
84 10-1-2¼ 15 x 30 25.0 5.63 0.025 0.0012 453 411 36 133.4 106.8
85 No.1 30 x 30 25.5 10.00 0.027 0.0019 402 392 31 552.6 234.0
86 No.2 30 x 30 25.5 15.00 0.027 0.0013 402 392 31 552.6 230.0
87 No.3 30 x 30 25.5 20.00 0.027 0.0009 402 392 31 552.6 230.0
88 No.4 30 x 30 25.5 10.00 0.027 0.0019 402 392 31 828.9 261.0
89 No.5 30 x 30 25.5 10.00 0.027 0.0019 402 392 31 967.1 275.0
90 No.6 30 x 30 25.5 10.00 0.018 0.0019 409 392 31 552.6 219.0
91 No.7 30 x 30 25.5 15.00 0.018 0.0013 409 392 31 552.6 213.0
92 No.8 30 x 30 25.5 15.00 0.010 0.0013 388 392 31 552.6 174.0

Mo and 
Hwang (1999)

Yoshimura 
and 

Yamanaka 
(2000)

Lynn (2001)

Pujol S. 
(2002)

Yoshimura et 
al. (2003)

Lam et al. 
(2001), Lam 
et al.(2003)

Sezen (2002)

Kabeyasawa 
et al. (2002)
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is the column width, and h is the column section height, ρ” is the transverse reinforcement ratio1 

computed as Ast/bs, where Ast is the transverse reinforcement area in the direction of loading, fyl is 

the yield strength of longitudinal steel, fyt is the yield strength of the transverse steel, f’c is the 

concrete compressive strength, P is the axial load at the time of shear failure and V is the peak 

shear recorded.  

There was not enough information to establish the interstory drifts at which all four damage 

states took place. This occurs either because the damage state did not occur (e.g., a shear failure 

or a loss of vertical carrying capacity was not observed during the test) or because the research 

report did not contain information to properly identify the level of interstory drift at which the 

damage state was observed. The later situation was particularly common for the first and second 

damage states (light cracking), since until very recently, earthquake provisions have been 

concerned with life safety and not damage control, and consequently, most investigators were not 

concerned with reporting on this damage state. 

Very few investigations included detailed information about the level of interstory drift at 

which light cracking was observed. For these specimens, it was observed that the reported 

interstory drift at which clearly visible cracking occurred, was accompanied with a significant 

reduction in lateral stiffness. Therefore, the number of data points associated with this damage 

state was expanded by assuming that the interstory drift at which a 30% or more drop in lateral 

stiffness was observed in the hysteresis loop corresponds to light cracking damage state. Table 

4.5, summarizes the interstory drifts associated with this first damage state. It should be noted 

that the interstory drift associated with 30% or more drop in lateral stiffness was only estimated 

in specimens where a good quality hysteresis loop graph with early loading cycles was included 

in the report that would allow a clear determination of changes in lateral stiffness at low levels of 

deformation. Therefore, Table 4.5 presents interstory drifts associated with light cracking of 

columns for only 36 specimens since limited number of reported contained good quality 

hysteresis loop graph at early loading cycles. It can be seen that the first damage state in 

reinforced concrete columns occurs at very low deformations ranging from 0.2% to 1.2% drift 

ratios. 

Similarly to the light cracking damage state, only a few experimental reports included 

information on the interstory drift ratio corresponding to the severe cracking damage state. 

Therefore, in order to expand the number of data points that correspond to damage state 2, it was 

assumed that interstory drift  ratio  at  which  severe  cracking  occurs,  IDRDS2,  is  approximately  

                                                      
1 If the amount of transverse reinforcement varies along the height, the smallest value of ρ” is used. 
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Table 4.5. Interstory drift ratios used to develop fragility functions for the four damage states in non-
ductile reinforced concrete columns. 

(1) (2) (3) (4) (5) (1) (2) (3) (4) (5)

1 * 0.51 2.13 48 0.35 1.13 *
2 * 0.71 1.98 49 0.33 * 2.00 9.10
3 * 0.61 1.52 50 0.30 * 2.00 8.40
4 * 0.46 1.02 51 0.50 * 1.00 5.30
5 * 0.66 2.64 52 0.25 * 2.00 8.60
6 * 0.66 1.62 53 0.25 * 1.00 8.80
7 * 0.96 1.62 54 0.25 * 1.00 6.70
8 * 0.96 1.22 55 0.34 0.67 1.03 2.07
9 * 0.61 3.71 56 * 0.53 0.99 3.10
10 * 0.61 2.79 57 0.31 0.62 2.59 3.10
11 * 0.71 3.35 58 * 0.54 2.07 3.62
12 * 0.81 2.08 59 * 0.53 1.03 1.03
13 * 1.01 1.58 60 * 0.53 1.03 2.07
14 * 1.02 1.74 61 * 0.64 1.55 2.07
15 * 0.38 2.97 62 * 0.74 1.55 2.07
16 * 0.25 2.03 63 * * 0.78
17 * 0.32 2.03 64 * * 0.98
18 * 0.38 1.71 65 0.50 * 1.79
19 * 0.38 2.03 66 0.52 * 2.17**
20 * 0.87 3.62 67 0.52 * 1.19
21 * 1.39 5.01 68 0.52 * 1.52**
22 * 1.36 3.59 69 0.38 * 1.16
23 * 0.87 3.19 70 * * 0.67
24 * 1.65 5.54 71 * 0.90 2.56 5.00
25 * 1.54 3.77 72 * 0.49 0.88 1.90
26 * 0.96 3.44 73 * 0.66 1.92
27 * 0.83 1.85 74 * 0.96 2.87 5.09
28 * 1.70 5.30 75 * * 1.00
29 * 1.50 4.29 76 * * 1.10
30 * 1.60 4.49 77 0.25 * 2.00**
31 * 0.89 3.55 78 0.30 * 3.00**
32 * 0.84 2.11 79 0.20 * 3.00**
33 * 0.76 3.05 80 0.35 * 3.00**
34 0.24 * 2.30 81 0.35 * 2.90**
35 0.30 * 0.90 82 0.25 * 3.40**
36 0.36 * ** 83 0.30 * 2.0**
37 0.45 * ** 84 0.30 * 3.00**
38 0.27 * ** 85 0.40 * 0.57
39 0.50 * ** 86 * * 0.58 5.40
40 * 0.51 2.52 87 0.30 * 0.38 2.00
41 * 0.61 2.61 88 0.40 * 0.73 2.00
42 * 0.45 2.01 89 * * 1.30 2.00
43 * 0.61 2.52 90 0.50 * 5.30 5.30
44 * 0.55 1.56 91 0.40 * 2.00 2.00
45 0.61 1.12 3.76 92 * * 11.90**
46 0.81 1.22 4.40 * Information was not available.
47 1.20 1.12 * ** Flexural failure occurred.

IDRDS3  

(%)
IDRDS4  

(%)
IDRDS4  

(%)
Specimen 
Number

IDRDS1  

(%)
IDRDS2  

(%)
Specimen 
Number

IDRDS1  

(%)
IDRDS2  

(%)
IDRDS3  

(%)
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equal to the chord rotation in the column estimated when the longitudinal reinforcement is at 

yielding, θy. This assumption was based on careful study of the results of investigations where 

information on severe cracking damage state in reinforced concrete columns was provided (Lynn 

et al., 1996; Saatcioglu and Ozcebe, 1989) which suggests that severe cracking typically occurs 

at the same level of interstory drift ratio that also corresponds the chord rotation of the column 

when longitudinal steel reinforcement is at yield. Table 4.5 provides interstory drift ratios 

corresponding to the severe cracking damage state for 54 specimens. As can be seen in the table 

severe cracking in columns can occur at drift ratios ranging from 0.25% to 1.7%. 

With the exception of 17 specimens in which shear failure was not observed, all other 

specimens experienced a shear failure and the research reports contained information about the 

interstory drift at which shear failure was observed. The 4th column in Table 4.5 lists interstory 

drift ratios at which shear failures occurred in various specimens. It can be seen that drifts at 

which these failures occurred exhibit a very large dispersion and have been reported to occur for 

interstory drifts as small as 0.38% or as large as 5.54%. 

Most experimental tests of reinforced concrete columns under seismic load conditions have 

been terminated shortly after the occurrence of shear failure in the specimen. However, it has 

been observed that columns may be able to carry gravity load after the occurrence of lateral 

strength degradation caused by shear failure in the column, (Lynn, 2001; Elwood, 2002; Sezen, 

2002). The database size of experimental tests that continued testing the specimen until a 

significant loss of vertical carrying capacity was produced is very limited as can be seen in 

Column 6 of Table 4.5. In this study, a database was prepared that includes 23 specimens from 4 

studies in which loss of vertical carrying capacity of the specimens was investigated. The number 

of specimens is twice the size of database prepared by Elwood (2002). As can be seen in Table 

4.5 drifts corresponding to the loss of vertical carrying capacity damage state exhibit a very large 

dispersion and have been reported to occur for interstory drift ratios as small as 1.03% and as 

large as 9.1%. 

4.2.2.3 Fragility functions 

Specimen-to-specimen variability of interstory drift ratios corresponding to each damage 

state is taken into account by developing drift-based fragility functions. As defined earlier 

ordinates in drift-based fragility functions provide information about the probability of 

experiencing or exceeding a particular damage state as a function of interstory drift ratio. They 

represent conditional probabilities of reaching or exceeding a damage state knowing that the 

element has been subjected to a particular level of interstory drift. These fragility functions were 



Chapter 4  Assessment of components fragility functions 96

developed using empirical frequency distribution functions of interstory drifts corresponding to 

each damage state by plotting ascending-sorted interstory drifts at which each damage state was 

experimentally observed against (i-0.5)/n, where i is the position of the peak interstory drift in the 

sorted list of interstory drifts and n is the number of specimens in which the drift associated with 

the damage state was identified.  

It should be noted that fragility functions that have been developed in this section are 

functions of the interstory drift ratio (i.e. chord rotation) in the column which is different from 

the interstory drift ratio estimated in a story of a building. In other words, in order to estimate the 

probability of experiencing or exceeding a damage state for columns that are located at certain 

story of a building, using fragility functions developed in this section, one should not directly use 

the interstory drift demands computed from the structural analysis, since not all of this drift 

demand would be translated into columns and part of it would be translated into the beams 

depending on the relative stiffness of the beams with respect to the columns in that story. This is 

mainly because all experimental studies considered in this study, either have used extremely rigid 

beams at the ends of the column specimens or have conducted tests on an individual column 

specimen, such that all the imposed lateral drift goes into the column. However, not all the 

imposed lateral drift demand will be translated into columns in a real building because of the 

existence of beams or slabs that are attached to the columns which contribute to resisting the 

imposed lateral deformation. This difference between the interstory drift ratio computed in a 

column and the interstory drift ratio computed in a story is further explained and illustrated as 

part of an example presented in section 4.2.2.4.  

Rhomboids in Fig. 4.13 are the empirical cumulative distribution functions for the first and 

second damage states in reinforced concrete columns. As can be seen in Fig. 4.13a, damage state 

1 (light cracking) would not be observed if the interstory drift is smaller than about 0.2% and 

would be almost certain to occur if the peak interstory drift ratio in the slab-column connection is 

larger than 1.2%. The graph also shows that the first damage state was observed in half the 

specimens when an interstory drift ratio of about 0.44% was reached. For damage state 2 (severe 

cracking), as can be seen in Fig. 4.13b, the drift ratio at which this damage state would not occur 

is about 0.25% and it is almost certain that severe cracking would occur when the interstory drift 

ratio is larger than 1.7%. As can be seen in the figure at around 0.71% interstory drift ratio, 

severe cracking damage state has been observed in half of the specimens. Also plotted in the 

figure are the fitted lognormal cumulative distribution functions of the interstory drift ratio given 

by Eq. (4.1) together with a graphical representation of Kolmogorov-Smirnov goodness-of-fit 

test for 10% significance levels. The goodness-of-fit test verifies that a cumulative lognormal 
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distribution function can be used to fit the empirical cumulative distribution function both for 

damage states 1 and 2. Parameters for the fitted lognormal probability distributions for damage 

states 1 and 2 are given in Table 4.6.  
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Fig. 4.13. Fragility functions corresponding to (a) light cracking damage state and (b) severe cracking 

damage state in a reinforced concrete column. 

Table 4.6. Statistical parameters estimated for interstory drift ratios corresponding to the four damage 
states in non-ductile reinforced concrete columns. 

(2) (3) (4)

0.35 0.37 36

0.71 0.44 54

2.00 0.58 65

3.10 0.63 23

Number of 
Specimens 

(n )
Damage State

DS4: Loss of Vertical Carrying Capacity 
(Axial Failure)

(1)

DS1: Light Cracking

DS2: Severe Cracking

DS3: Shear Failure

 
 

As can be seen in Fig. 4.13b, the level of dispersion of the interstory drift ratios at which 

severe cracking occurred in columns is a slightly high, logarithmic standard deviation in the 

order of 0.44. In order to explore the possibility of decreasing this level of dispersion, previous 

research studies were investigated to see whether it is possible to estimate the statistical 

(a) (b) 

(%)IDR IDRLnσ
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parameters of the fragility functions at severe cracking damage state as a function of material and 

loading properties of the columns. Priestley and Kowalsky (2000), and Panagiotakos and Fardis 

(2001) have indicated that column chord rotation at yielding, θy, which as explained earlier is 

assumed to be approximately equal to the IDR at which damage state 2 (severe cracking) occurs 

in columns, can be estimated as a function of the column material and loading properties. For 

example, Panagiotakos and Fardis (2001) suggested a formulation that estimates column chord 

rotation at yielding as a function of the flexural deformations, shear deformations, and inclined 

cracking, as well as any fixed-end rotation due to bar pullout from the anchorage zone. Their 

formulation has statistically been fitted to the results of 963 experimental tests of reinforced 

concrete elements, beams columns and walls, in order to estimate chord rotation at yielding as 

follows 

( ) c

yby
sl

sy
y fdd

fd
a

L
′′−

++=
εφ

θ
25.0

0025.0
3

   (4.9) 

where Ls is the shear span of the column which is computed as the ratio of the section moment at 

yielding, My, to the section shear force, V, and can be estimated as half of the clear height of the 

column, and φy is the section curvature at yielding. The second term on the right-hand-side of Eq. 

(4.9), 0.0025, can be considered as the (average) shear distortion of the shear span at flexural 

yielding. The third term corresponds to the fixed-end rotation due to slippage: coefficient asl 

equals to 1 if slippage of longitudinal bar from its anchorage zone beyond the end section is 

possible, or 0 if this slippage is not possible; εy = fy/Es is the yield strain of steel, fy is the yield 

strength of steel in MPa, Es is the elastic modulus of steel, db is the diameter of compression 

longitudinal reinforcement, d is the effective depth cross section, d’ is distance of center of 

compression reinforcement from extreme compression fiber, and f’c is the concrete strength in 

MPa.  

The section curvature at yielding, φy, in the first term on the right-hand-side of Eq. (4.9) can 

be estimated as follows 

( )dk y

y
y −

=
1

ε
φ      (4.10) 

where ky is the compression zone depth at section yielding normalized by the effective depth 

cross section d and can be computed as follows Panagiotakos and Fardis (2001) 

nAnBAnk y −+= 222          (4.11) 

where n = Es/Ec, Ec is the elastic modulus of concrete, A and B are given by 
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where ρ, ρ', and ρv are the reinforcement ratios of the tension, compression, and web 

reinforcement (all normalized to bd), respectively; δ'=d'/d, b is the width of the compression 

zone, and N is the axial load (compression: positive). For column specimens where yield chord 

rotations were reported, ky computed from Eqs. (4.11), (4.12) and (4.13) ranges from 0.33 to 

0.55, with an average value of 0.43. Fig. 4.14a compares the chord rotations at yielding reported 

in experimental reports with those computed using Eq. (4.9).  

A simplified alternative to estimate section curvature at yielding instead of using Eqs. (4.10) 

to (4.13), is to use the following equation recommended by Priestley and Kowalsky (2000) for 

rectangular columns 

h
y

y

ε
φ 12.2≈      (4.14) 

Comparing Eq. (4.14) with Eq. (4.10) and assuming that d is roughly equal to 0.85 h, leads to a ky 

value equal to 0.45 which is very close to the average value computed from Eqs. (4.11), (4.12), 

and (4.13). 

If the right hand side of Eq. (4.10) is substituted for φy in Eq. (4.9) and assuming that ky is 

equal to 0.45, and that slippage of longitudinal bar from its anchorage zone beyond the end 

section is not possible, asl = 0, Eq. (4.9) simplified to 

0025.061.0 +=
d
Lsy

y

ε
θ     (4.15) 

Fig. 4.14b compares the yielding chord rotations computed using Eq. (4.15) with those reported 

in experimental studies. Also shown in the figure is a table that provides statistical parameters 

that can be used to compare Eqs. (4.9) and (4.15). First column in the table compares the yielding 

chord rotations computed from each equation, to those reported, and is a measure of bias 

introduced by each equation when predicting yielding chord rotation in columns. As can be seen 

in the figure, the level of bias introduced by Eq. (4.15) is similar to Eq. (4.14). The second 

column shows the coefficient of variation of the ratio of the computed and reported yielding 

chord rotations when using Eqs. (4.9) and (4.15), respectively, which shows that Eq. (4.9) 

predicts the yielding chord rotation with a slightly smaller level of dispersion compared to Eq. 

(4.15). The last column in the table provides the standard error corresponding to using Eqs. (4.9) 
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and (4.15). As can be seen in the table the standard error associated with Eq. (4.9) is lower than 

the one corresponding to Eq. (4.15). 
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Fig. 4.14. Comparison of the chord rotations at yielding, θy, estimated from using (a) Eq. (4.9) and (b) 

Eq. (4.16) with yielding chord rotations reported in experimental studies. 

In Eq. (4.15), typical values of the ratio of Ls/d for columns range between 2 to 4, with an 

average of 3, and a coefficient of variation of 0.2. Similarly, typical values of εy does not vary 

significantly for different column specimens. Therefore, it was concluded that developing a 

fragility surface which estimates the probability of experiencing severe cracking damage state as 

a function of the interstory drift ratio (yielding chord rotation in the column) and the parameter 

(εyLs/d) does not provide a significant improvement compared to using the fragility function 

computed with Eq. (4.1) and shown in Fig. 4.13b. 

Empirical and fitted cumulative distribution functions for the third damage state are shown in 

Fig. 4.15. Also shown in the figure are the 10% significance levels of the Kolmogorov-Smirnov 

goodness-of-fit test which indicate that the lognormal assumption is also valid for this damage 

state. The corresponding parameters for the cumulative distribution of this damage sate are given 

in Table 4.6. It can be seen that this damage state can be sustained by the column anywhere from 

0.88% to 5.5% interstory drift ratio. This means that the estimation of whether a shear failure is 

likely to occur in a column is very uncertain if only the peak interstory drift ratio is used.  
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Fig. 4.15. Fragility function corresponding to the shear failure damage state in  non-ductile reinforced 

concrete columns. 

Researchers have proposed different theoretical models to evaluate the drift capacity at shear 

failure, (Pujol et al., 1999, 2000; Kato and Ohnishi, 2002; Sezen, 2002; Elwood, 2002). Elwood 

(2002) provide an excellent summary of these models, together with the following empirical drift 

capacity model 

100
1

40
1

500
14

100
3

3 ≥
′

⋅−
′

⋅−′′+=
cgc

DS
fA

P
f

IDR νρ (psi units)       (4.16) 

whereν is the maximum nominal shear stress computed as Vtest/bd, where Vtest is peak shear force 

recorded, and d is depth to centerline of tension reinforcement, P is axial load at time of shear 

failure, Ag is the column section gross area, computed as b.hc, and f’c is the nominal concrete 

compressive strength. 

Eq.(4.16) involves many parameters which makes the estimation of the drift capacity at shear 

failure rather complicated. Therefore, the possibility of estimating drift at shear failure with a 

single parameter and with a similar level of accuracy was explored. Correlation coefficients 

between various parameters (that are functions of the specimen material properties and loading 

characteristics) and the interstory drift ratio corresponding to shear failure were computed. Table 

4.7 shows a summary of the correlation coefficients computed between these parameters and 

interstory drift ratio corresponding to shear failure. In Table 4.7, dc is the depth of the column 

core from center line to center line of the ties, and fy is the transverse steel yield strength.  
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Table. 4.7. Correlation coefficient of interstory drift ratio at shear failure damage state of a non-ductile 
reinforced concrete column with different parameters that are functions of the component properties. 
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As shown in Table 4.7 drift at which shear failure was reported to occur is best correlated 

(has the maximum absolute correlation coefficient) with P/fyAst(dc/s). However, a very similar 

level of correlation was observed when predicting IDR at which shear failure occurred using 

P/(Agf’cρ”). On the basis of this observation the following functional form is proposed to 

estimate the interstory drift ratio corresponding to shear failure in non-ductile reinforce concrete 

columns 
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Fig. 4.16a shows the drift at which shear failure occurred as a function of the axial force 

normalized by Agf’cρ”. Also shown on the figure is the fit provided by Eq. (4.17). Fig. 4.16b 

shows  the  variations  of  the  residuals  of  the  interstory  drift  ratios,  estimated  as  the  natural  
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Fig. 4.16. (a) Variations of interstory drift ratio at shear failure, IDRDS3 , with changes in the level of axial 

force, P, normalized by Agf’cρ”, in non-ductile reinforced concrete columns; (b) variations of the residuals of 

IDRDS3, ε, with P/( Agf’cρ”); (c) Variations of the dispersion of the IDRDS3 with changes in axial force, P, 

normalized by Agf’cρ”. 

logarithm of the ratio of the IDR at which punching shear failure was experienced in the 

specimen to median IDR estimated from Eq. (4.17), with changes in the normalized axial force. 

On the basis of statistics tests performed using parameters, b, t, ρ, it was found that Eq. (4.17) is 

a pertinent functional form (i.e. does not introduce any bias) to estimate IDR at shear failure.  
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Fig. 4.16c shows the variations of the dispersion of the interstory drifts at which shear failure 

occurred around the median interstory drift, computed with Eq. (4.17), as a function of the 

normalized axial force. Points shown in this graph were obtained using a moving window 

analysis using windows with a normalized axial force width of 50 moving at increments of 50. It 

was found that this variation of dispersion can be assumed constant and equal to 0.55 as shown in 

Fig. 4.16c. 

In order to find out if Eq. (4.17) is sufficient to estimate interstory drift ratio at shear failure, 

the residuals of the interstory drifts were plotted against ρ”, and ′
cf/ν  , as shown in Figs. 

4.17a, and 4.17b, respectively. As can be seen in the figures, and on the basis of significance tests 

performed, the residuals of the IDRDS3 are independent of ρ”, but there is a clear pattern on the 

residuals of IDRDS3 with respect to changes in ′
cf/ν . To eliminate this bias it is required to 

incorporate the variations of IDRDS3 with changes in ′
cf/ν  in Eq. (4.17) which is a matter of 

future research.  
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Fig. 4.17. (a) Variations of the residuals of IDRDS3, ε, with ρ”, (b) Variations of the residuals of IDRDS3, 

ε, with ′
cf/ν  

Fig. 4.18 compares predicted drift capacities computed with Eq. (4.17) with those computed 

with the proposed model by Elwood (2002), Eq. (4.16) for different non-ductile column 

′
cf/ν
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specimens. Also shown in the figure is a table that provides statistical parameters that can be 

used to compare Eqs. (4.16) and (4.17). First column in the table compares the median value of 

the ratios of the interstory drifts computed from each equation, 3DSIDR , to the interstory drift 

ratios at which shear failure was observed in specimens, IDRDS3, [ ]33 /ˆ
DSDS IDRIDRE , which is a 

measure of bias introduced by each equation when predicting median interstory drift at shear 

failure. As can be seen in the figure, the level of bias introduced by Eq. (4.17) is smaller than the 

one corresponding to Eq. (4.16). The second column in the table shown in Fig. 4.18, shows the 

coefficient of variation of the 33 / DSDS IDRIDR ratio when using Eqs. (4.16) and (4.17), 

respectively, which shows that both equations predict the interstory drift ratio at shear failure 

with almost the same level of dispersion. The last column in the table provides the standard error 

corresponding to Eqs. (4.16) and (4.17). As can be seen in the table the standard error associated 

with Eq. (4.17) is lower than the one corresponding to Eq. (4.16). On the basis of these 

observations, Eq. (4.17) was used to estimate the median drift at shear failure damage state in 

non-ductile reinforced concrete columns. 
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Fig. 4.18. Statistical comparison of two equations to estimate median interstory drift ratio at shear failure 

damage state of reinforced concrete columns. 
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Fig. 4.19. Fragility surface developed for shear failure damage state in non-ductile reinforced concrete 

columns; (a) 3-dimensional presentation, (b) 2-dimensional presentation. 

Fig. 4.19a shows the fragility surface resulting from the use of Eqs. (4.1) and (4.17). Fig. 

4.19b shows a two-dimensional presentation of the fragility surface by presenting fragility 

functions for shear failure damage state for two columns with normalized axial force of 25 and 

300. As explained earlier in section 4.2.1.3, fragility surfaces, which are fragility functions that 

are both a function of the level of structural response in the component and structural 

characteristics of the component and/or loading, provide more accurate estimates of the 

probability of experiencing or exceeding a damage state compared to using fragility functions 

that are simply a function of the level of structural response in the component. For example, for a 

column with normalized axial force of 25, P/(Agf’cρ”) = 25, at 2% interstory drift ratio, there will 

be a 20% probability of experiencing or exceeding punching shear failure as can be seen in Fig. 

4.19. If the normalized axial force is not considered, in other words if the fragility function 

presented in Fig. 4.15 is used, the probability of experiencing or exceeding punching shear 

failure at 2% interstory drift ratio will be 55%, which results is 35% more than what predicted 

using the fragility surface presented in Fig. 4.19.  

Empirical and fitted cumulative distribution functions for the loss of vertical carrying 

capacity (axial failure) damage state are shown in Fig. 4.20. Also shown in the figure are the 

10% significance levels of the Kolmogorov-Smirnov goodness-of-fit test which indicate that the 

lognormal assumption is also valid for this damage state. The corresponding parameters for the 

(a) (b) 
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cumulative distribution of this damage sate are given in Table 4.6. It can be seen that this damage 

state occurred at IDR’s as small as 1% or as large as 9%.  
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Fig. 4.20. Fragility function corresponding to the loss of vertical carrying capacity damage state in a non-

ductile reinforced concrete column. 

A method to calculate the interstory drift ratio at loss of vertical carrying capacity was 

recently developed by Elwood and Moehle (Elwood, 2002; Elwood and Moehle, 2005). The 

corresponding equation is as follows 
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where θ is the average angel of critical shear cracks from the tests. Elwood reported that θ could 

be approximated as 65 degrees relative to horizontal (Elwood 2002). Using this value of θ, Eq. 

(4.18) becomes 

s
d
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P
IDR

c
ytst

DS

1.26.9

1
4

+
=     (4.19) 

Elwood proposed different parameters to estimate the drift at which shear failure is produced 

than those used to estimate the drift at which loss of vertical carrying capacity occurred. Here, 

the possibility of estimating both drifts using the same parameter was explored. Correlation 
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coefficients were computed between various parameters (that are functions of the material 

properties of the column specimens and also of their loading characteristics) and the level of 

interstory drift ratio at loss of vertical carrying capacity. Table 4.8 provides a summary of these 

correlation coefficients. It can be seen that the parameter proposed by Elwood (2002) has the 

maximum absolute correlation coefficient and the parameter used to estimate IDRDS3, 

P/(Agf’cρ”), has the next highest correlation coefficient. Either of these parameters can be used to 

develop fragility surfaces. However, since the formulation to develop fragility functions for a 

component would be more straightforward when using the same parameter that used for drift 

capacity at shear failure, P/ Agf’cρ”,  to  estimate  drift  capacity  of  columns  at  loss  of  vertical  

 
Table. 4.8. Correlation coefficient of interstory drift ratio at loss of vertical carrying capacity damage state 
of a non-ductile reinforced concrete column with different parameters that are functions of the component 

properties. 

Parameter 

(1) 

Correlation Coefficient 

(2) 

s
d
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P
c

sty

 
-0.73 

ρ ′′′cg fA
P  -0.72 

ρ ′′  0.61 

s
d

fA

P
c

cg ′

 
-0.59 

s
d  0.55 

cg fA
P

′
 -0.32 

bd
Vtest=ν  0.31 

 

carrying capacity, this same parameter was used for defining both damage states. On the basis of 

this observation, the following functional form is proposed to estimate median drift at which 

LVCC is expected to occur 
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Fig. 4.21a shows the drift at which loss of vertical carrying capacity occurred as a function of 

the axial force normalized by Agf’cρ”. Also shown in the figure is the fit provided by Eq. (4.20). 
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Fig. 4.21. (a) Variations of the median interstory drift ratio at loss of vertical carrying capacity damage 

state of non-ductile reinforced concrete columns, IDRDS4, with changes in the level axial force, P, normalized 

by Agf’cρ”; (b) Variations of the residuals of IDRDS4, ε, with changes in P/Agf’cρ”; (c) Variations of the 

dispersion of IDRDS4 with changes in P/ Agf’cρ”. 

(a) (b) 

(c) 
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Fig. 4.21b provides information on the goodness of the proposed functional form to estimate 

median of IDRDS4 using Eq. (4.20). As can be seen in the figure the residuals of IDRDS4, 

computed as the ratio of IDRDS4 at which loss of vertical carrying capacity was observed to 

median drift estimated from Eq. (4.20), does not show a significant trend with changes in 

P/Agf’cρ”. Fig. 4.21c shows the variations of the dispersion of the interstory drifts at which shear 

failure occurred around the median interstory drift, computed with Eq. (4.20), as a function of the 

normalized axial force. Points shown in this graph were obtained using a moving window 

analysis using windows with a normalized axial force width of 50 moving at increments of 50. 

The following functional form was proposed to capture the variations of dispersion with changes 

with the level of normalized axial force  
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Fig. 4.22 compares predicted drift capacities computed with Eq. (4.20) with those computed 

with the proposed model by Elwood (2002), Eq. (4.19) for different non-ductile column 

specimens. A table is presented in the figure with statistical parameters that can be used to 

compare these two equations. First column in the table compares [ ]44 /ˆ
DSDS IDRIDRE which is a 

measure of bias. As can be seen in the figure, the level of bias introduced by both equations to 

estimate interstory drift ratio at loss of vertical carrying capacity is almost the same. The second 

column shows the coefficient of variation of the 44 / DSDS IDRIDR  when using Eqs. (4.19) and 

(4.20), respectively, which shows that the level of dispersion associated with Eq. (4.17) is smaller 

than the level of dispersion estimated from Eq. (4.19). The last column in the table provides the 

standard error corresponding to Eqs. (4.19) and (4.20) which also shows that the standard error 

associated with Eq. (4.19) is lower than the one corresponding to Eq. (4.20). Consequently, it 

was observed that Eq. (4.19) on average provides a better prediction of the median interstory drift 

ratio corresponding to the loss of vertical carrying capacity in non-ductile columns compared to 

the one predicted by Eq. (4.20).  

Fig. 4.23a shows the fragility surface resulting from the use of Eqs. (4.1) and (4.20). Fig. 

4.23b shows a two-dimensional presentation of the fragility surface by presenting component-

specific fragility functions for loss of vertical carrying capacity damage state for two columns 

with normalized shear force of 25 and 300. 
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Fig. 4.22. Statistical comparison of two equations to estimate median interstory drift ratio at loss of 

vertical carrying capacity damage state of non-ductile reinforced concrete columns. 
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Fig. 4.23. Fragility surface developed for loss of vertical carrying capacity damage state in non-ductile 

reinforced concrete columns; (a) 3-dimensional presentation, (b) 2-dimensional presentation. 

(a) (b) 
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4.2.2.4 Illustration of the use of fragility functions of non-ductile reinforced concrete 

columns in the case study building 

Fragility functions developed in the previous section for non-ductile reinforced concrete 

columns were used to estimate the probability of experiencing or exceeding different damage 

states in the columns of the case study building. For damage state 3(shear failure) and damage 

state 4 (loss of vertical carrying capacity), the fragility functions are both a function of the level 

of interstory drift ratio in the component and the level of normalized axial force, P/ Agf’cρ”. Fig. 

4.24 shows variations of this parameter computed at exterior columns and interior columns of the 

case study building at different stories. Depending on the level of axial force and the amount of 

transverse reinforcement, three types of exterior columns were identified, which their location in 

the case study building is shown in Fig. 4.25. Type A, are exterior columns located at the edges 

of the interior longitudinal frames, type B are exterior columns located at the corners of exterior 

longitudinal frames and type C are all other exterior columns.  

 

Story level

1

2

3

4

5

6

7

0 50 100 150 200 250

P /(A g f' c ρ " )

 Type A, Exterior 
 Type B, Exterior 
Type C, Exterior 

   

Story level

1

2

3

4

5

6

7

0 50 100 150 200 250

P /(A g f' c ρ " )

 Interior 

 
Fig. 4.24. Variations of axial force normalized by Agf’c in, (a) exterior columns and (b) interior columns, 

of the case study building along the building height. 

Information presented in Fig. 4.24 can be used to estimate the median and logarithmic 

standard deviation of the interstory drift ratio corresponding to punching shear failure and loss of 

vertical carrying capacity damage states in columns of the case study building. For the first two 

damage states fragility functions with statistical parameters suggested in Table 4.6 were used. 

Fig. 4.26 presents examples of fragility functions estimated for different damage states of type C 

(a) (b) 
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exterior and interior columns of the case study building at first, fourth and seventh stories. Fig. 

4.27 shows the probability of being in each damage state for fragility functions shown in Fig. 

4.26 which has been computed using Eq. (4.8). 
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Fig. 4.25. Location of different types of exterior columns in the case study building. 

Fragility functions such as those presented in Fig. 4.26, provide very useful information on 

estimating the vulnerability of different components in a building. An example is presented that 

estimates the probability of experiencing punching shear failure in “Type C exterior columns” 

(referred here as exterior columns for short) and in interior columns at different stories of the 

case study building when the structure is subjected to a given ground motion intensity. The level 

of ground motion intensity used in this example is an elastic spectral displacement equal to 20.3 

cm, Sd = 20.3 cm (8 in), which approximately corresponds to the intensity of the 1994 Northridge 

earthquake recorded in the building (please see Appendix A for more information on ground 

motions recorded in the case study building). During this earthquake the exterior columns located 

at the fourth story of the building experienced shear failure. The objective of this example is to 

investigate if the proposed fragility functions in this study are capable of assessing the level of 

vulnerability in the exterior columns of the case study building with respect to experiencing shear 

failure. Therefore, variations of the probability of experiencing or exceeding shear failure 

damage state in exterior columns along the building height are computed and compared to the 

variations of this probability term for interior columns. Columns that are vulnerable the most to 

shear failure are identified as those columns that have the highest level of probability of 

experiencing shear failure. 
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Fig. 4.26. Fragility functions corresponding to four damage states of non-ductile reinforced concrete 

columns at three stories of the case study building.  
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Fig. 4.27. Probability of being at each damage state for non-ductile reinforced concrete columns at three 

stories of the case study building. 
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The median interstory drift ratio at which shear failure can be experienced in exterior and 

interior columns of the building (median IDR capacity), 3DSIDR , can be obtained from the 

information presented in Fig. 4.24 together with the functional form proposed in Eq. (4.17). Fig. 

4.28 shows the variations of 3DSIDR  for exterior and interior columns along the height of the 

case study building. As can be seen in the figure, exterior columns located at the fourth story of 

the building have the smallest level of drift capacity, around 1.60% interstory drift ratio, 

compared to the drift capacity of exterior columns located in other stories. For interior columns, 

however, columns located in the fifth story have the minimum drift capacity, 1.46% interstory 

drift ratio, compared to the drift capacity of interior columns located in other stories. It can be 

seen that the drift capacity of the interior columns at the fifth story is smaller than the drift 

capacity of the exterior columns in the fourth story. Therefore, it is important to find out why 

interior columns in the fifth story did not experience shear failure under the peak interstory drift 

demands caused by the 1994 Northridge earthquake. 
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Fig. 4.28. Variations of the median interstory drift ratio corresponding to experiencing shear failure in 

exterior and interior columns along the height of the case study building. 

Fig. 4.29 shows the variations in the median interstory drift demands, computed from the 

results of response history analyses (RHA), along the building height when the ground motion 

intensity is at the same level as the Northridge earthquake, Sd = 20.3 cm (8 in). As explained 

earlier, it is important to find out how much of this interstory drift is being translated into the 

(a) (b) 



Chapter 4  Assessment of components fragility functions 117

columns, since this is the drift that causes damage in exterior and interior columns. The case 

study building is consisted of moment resisting exterior frames with spandrel beams and gravity 

resisting interior frames with slabs (Please see Appendix A for a description of the case study 

building). Therefore, more lateral displacement will be translated into exterior columns compared 

to interior columns, since beams attached to the exterior columns are significantly more rigid 

than the slabs attached to interior columns. The level of interstory drift demand being translated 

into beams and columns at small levels of deformation where components are in linear elastic 

range can be approximated from basic rules of structural analysis (Krawinkler, 2000). Table 4.9 

presents the amount of the interstory drift ratio being translated into the columns (IDRcol.) and 

into the beams/slabs (IDRbeam) as a fraction of the interstory drift ratio estimated at a typical story 

of the case study building assuming that columns, beams, and slabs are in linear elastic range. As 

can be seen in the table, at typical stories of the exterior frames, 52% of the interstory drift 

demand is being translated into the exterior columns and the rest (48%) is being sustained by 

spandrel beams. For typical stories in the interior frames, however, only 26% of the interstory 

drift demand is being translated into the interior columns and 74% is being sustained by slabs. 

Therefore, it can be concluded that at small levels of deformation, the level of interstory drift 

demand being translated into interior columns is significantly smaller than the level of interstory 

drift demands being translated into exterior columns. For example at 0.2% interstory drift ratio in  
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Fig. 4.29. Variations of the median interstory drift demands conditioned on IM, estimated from response 

history analyses (RHA) along the height of the case study building. 
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Table 4.9: Fractions of the median interstory drift ratio estimated at the story level that is being translated 
into columns and beam/slabs for typical stories of the case study building. 

Frame IDRcol./IDRstory IDRbeam / IDRstory

(1) (2) (3)
Exterior 0.52 0.48
Interior 0.26 0.74  

 

a typical story of the case study building, 0.05% will be translated into interior columns, whereas 

0.1% will be translated into exterior columns which is almost twice the level of drift demand in 

interior columns. 

It should be noted that the ratios presented in Table 4.9 are for the linear elastic case. As the 

level of lateral deformation increases these ratios change. This is mainly because, as the level of 

lateral deformation increases, depending on the drift capacity of the beams, slabs and columns, 

either of these components will experience severe cracking damage state. Once this damage state 

occurred in a component, the level of lateral rigidity in that component significantly decreases 

which leads to a significant increase in the amount of drift demand being translated into that 

component. Estimation of the exact fraction of the IDR that will be translated into columns and 

beams or slabs, when severe cracking or yielding has occurred in either exterior columns or 

spandrel beams in exterior frames, and in either interior columns or slabs in interior frames, is 

beyond the scope of this study (see Cheung et al., 1991; Kurose et al., 1991; and Altoontash, 

2004). Previous damage assessment studies on the exterior columns of the case study building 

have assumed that all the lateral interstory drift demand at higher levels of deformation is 

sustained by the column (Zhu et al., 2005). This assumption does not quite hold true, since the 

floor system is not rigid and the drift imposed in the column would be smaller than that assumed 

by these investigators. While estimating the exact level of lateral drift that is transferred into 

columns when severe cracking has occurred is complicated, Fig. 4.30 presents an approximation 

of the portion of the interstory drift ratio, IDRstory, being translated in to columns, beams/slabs, 

and joints in interior and exterior frames of the case study building. To obtain approximations 

presented in Fig. 4.30, it is assumed that in exterior frames, once either exterior columns or 

spandrel beams reached their median drift capacity corresponding to severe cracking damage 

state, all the additional interstory drift demand is transferred into the component that has reached 

its median drift capacity for severe cracking. Similarly, for interior frames, it is assumed once 

either interior columns or slabs reach their median drift capacity corresponding to severe 

cracking damage state, all the excessive drift demand will be translated into the component that 

severe cracking damage state was reached. It can be seen that assuming that all of the interstory 



Chapter 4  Assessment of components fragility functions 119

drift translates into column deformation, may lead to significant overestimation of column 

deformations and therefore, can lead to overestimations of the probability of experiencing shear 

failure. The median IDR capacity, for columns is 0.71% as can be seen in Table 4.6. An estimate 

for the median IDR capacity corresponding to severe cracking in beams can be computed using 

Eq. (4.9). For spandrel beams in the exterior frames of the case study building, the median IDR 

capacity for severe cracking damage state is around 0.72%. Since median IDR capacity of the 

exterior columns is slightly higher than that of exterior columns, and since the IDR drift demand 

being translated into exterior columns is slightly higher than the drift demand being translated 

into interior columns, exterior columns will experience severe cracking earlier than spandrel 

beams as the level of IDR demand at each story increases. Once exterior columns experienced 

severe cracking damage state in a story, it is assumed that all the increasing levels of IDR 

demand in that story will be translated into exterior columns. For example, if the IDR demand in 

a typical story of an exterior frame is 1.5%, the first 1.35% (which is estimated by dividing 

0.71%, median drift capacity of severe cracking damage state in columns to 0.52, which comes 

from Table 4.9) will be translated into columns and spandrel beams using factors shown in Table 

4.9 (i.e. 52% of the 1.35% drift ratio will be translated into exterior columns and 48% of that will 

be concentrated in the spandrel beams and joints). The rest of the drift demand, 1.5% - 1.35% = 

0.15%, is assumed to be imposed into exterior columns. Therefore, at 1.5% IDR demand, IDRcol. 

is 0.85%, 0.7% + 0.15% = 0.85%, and IDRbeam is 0.65%, 0.48x1.35%=0.65%. 

For interior frames, the median IDR capacity corresponding to shear failure of slabs is 0.9% 

as can be seen in Table 4.3, which is larger than IDR capacity of experiencing severe cracking in 

columns. However, as can be seen from Table 4.9, the amount of IDR demand being imposed 

into slabs is significantly larger (almost three times) than the amount of IDR being imposed into 

interior columns. Therefore, as the level of lateral deformation increases, slabs in the interior 

frames will observe severe cracking damage state earlier than interior columns. Once slabs 

experienced severe cracking damage state, it is assumed that the additional IDR demand will be 

transferred into the slabs. For example, if the IDR demand in a typical story of an interior frame 

is 1.5%, the first 1.22% (0.9% / 0.74 = 1.22%) will be distributed in columns and slabs of the 

story using factors shown in Table 4.9 (i.e. 26% of the 1.22% drift ratio will occur in the columns 

and 74% will occur in the slabs). The rest of the story drift demand, 1.5% - 1.22% = 0.28%, is 

assumed to occur in the slabs around the column. Hence, at 1.5% IDR demand, IDRcol. is 0.32% 

(0.26 x 1.22% = 0.32%) and IDRslab is 1.18% ( 0.9% + 0.28% = 1.18%). 
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Fig. 4.30. (a) Comparison of the fractions of the interstory drift ratio being translated into column and 

being translated into beams/slabs, for columns, beams and slabs located in typical stories of the case study 

building; (a) exterior frames, (b) interior frames.  

Once the portion of the median interstory drift demand, computed from RHA (Fig. 4.29), that 

is being translated into a column located at a story is estimated, IDRcol., probability of 

experiencing or exceeding shear failure in the column when it is subjected to IDRcol. can be 

computed for exterior and interior columns in each story of the case study building using the 

median drift capacities shown in Fig. 4.28 and a logarithmic standard deviation of 0.55 which is 

obtained from Fig. 4.16c. Fig. 4.31 shows the variations of this probability term for exterior and 

interior columns along the building height. As can be seen in the figure the probability of 

experiencing or exceeding shear failure damage state in exterior columns is significantly larger 

than that of the interior columns. Furthermore, the probability of experiencing shear failure in 

exterior columns located in the 4th story of the building are larger than the probability of 

experiencing this damage state at any other story which perfectly matches with what was 

observed during 1994 Northridge earthquake in terms of the shear failure damage experienced in 

columns. This shows that the proposed vulnerability assessment procedure, which is based on 

proposed fragility surfaces developed in previous section, is very well capable of evaluating the 

damageability of different components in a building. 

 

(a) (b) 
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Fig. 4.31. Variations in the probability of experiencing or exceeding shear failure conditioned on the 

median interstory drift ratio translated into columns( .colIDR ), ( ).3 | colIDRdsDSP ≥ , along the building height; 

(a) exterior columns, (b) interior columns. 

The probability of experiencing or exceeding shear failure in columns as a function of the 

level of interstory drift ratio translated into the column, ( ).3 | colIDRdsDSP ≥ , can be integrated 

with the probability of exceeding interstory drift ratio in the column conditioned on the level of 

ground motion intensity, ( )IMidrIDRP col |. > , to estimate the probability of experiencing or 

exceeding shear failure in columns at a given level of ground motion intensity, ( )IMdsDSP |3≥ , 

using the total probability theorem as follows 

( ) ( ) ( )∫
∞

>≥=≥
  

0  
..33 ||| IMidrIDRdPIDRdsDSPIMdsDSP colcol

       (4.21) 

Fig. 4.32 shows the results of using Eq. (4.21) for the exterior columns and interior columns at 

different stories of the case study building when it is subjected to a ground motion intensity 

similar to what recorded during Northridge earthquake. It can be seen that exterior columns 

located at the fourth story are vulnerable to shear failure since the probability of experiencing or 

exceeding shear failure damage state conditioned on IM in those columns is more than 21% and 

larger than the probability of experiencing or exceeding shear failure damage state conditioned 

on IM in columns located in other stories. 

 

(a) (b) 
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Fig. 4.32. Variations in the probability of experiencing or exceeding shear failure conditioned on the 

ground motion intensity measure during Northridge earthquake (IMNorthridge), ( )NorthridgeIMdsDSP |3≥ , along 

the building height; (a) exterior columns, (b) interior columns. 

4.2.3 Interior beam-column connections 

Two types of beam-column connections have been considered in this study: interior beam-

column connections; and exterior beam-column connections. Fig. 4.33 shows a schematic 3-

dimensional view of the types of beam-column connections considered. 

                           
Fig. 4.33. Schematic 3-dimensional representation of (a) interior, and (b) exterior beam-column 

connections considered in this study. 

(a) (b) 

(a) (b) 
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4.2.3.1 Definition of damage states 

In this study, the following five discrete damage states have been defined for interior beam-

column connections:  

DS1 Severe Cracking in the Beam: This damage state involves wide and extensive cracking 

of the beam that requires epoxy crack injection for repair of the connection. Epoxy crack 

injection is required in order to partially restore the original strength and stiffness of the column. 

Definition of this damage state and its corresponding repair actions are very similar to severe 

cracking damage state in slab-column connections, section 4.2.1.1. 

DS2 Severe Cracking in the Column: This damage state corresponds to wide and extensive 

cracking in the column which requires epoxy injection of the cracks.  

DS3 Severe Cracking in the Joint: Description of this damage state and the corresponding 

repair actions are the same as the first damage state. The only difference is that in this damage 

state severe cracking occurs at the beam-column joint and therefore epoxy injection should be 

performed at the joint area. 

DS4 Joint Spalling: This damage state corresponds to considerable spalling of the concrete 

cover of the beam-column joint. Repair actions associated with this damage state involve 

significant labor and cost, and consist of concrete spall repair and rebar replacement (FEMA 308, 

1998). Loose concrete is typically first removed with chipping hammer. If reinforcing bars are 

exposed, concrete is commonly removed to provide sufficient clearance around the bar for the 

patch to bond to the full diameter. When repairing this type of damage, sometimes it is also 

necessary to cut out the damaged length of reinforcing bars and to replace it with new bars.  

DS5 Loss of Vertical Carrying Capacity: The last damage state is loss of vertical carrying 

capacity, at which the component loses its vertical carrying capacity, and collapses under its 

gravity load. 

4.2.3.2. Experimental results used 

Estimation of the probability of experiencing various damage states in reinforced concrete 

interior beam-column connections requires gathering information about the level of lateral 

deformation at which various damage states have been observed. Results from experimental 

studies have been used to establish levels of lateral deformations associated with five, previously 

described, damage states. Information about the material properties and characteristics of all 

specimens considered in this study is summarized in Table 4.10, which includes 9 experimental 

research investigations for a total of 31 specimens.  
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Table 4.10. Properties of reinforced concrete interior beam-column specimens used in this study. 

Specimen 
Number References Label

Beam 
Section 

(cm x cm)

Column 
Section 

(cm x cm)
f'c (Mpa) Fy (Mpa)

(1) (2) (3) (4) (5) (6) (7)
1 F-2 32.5 x 40 40 x 42.5 43.5 400.0
2 F-3 32.5 x 40 40 x 42.5 43.5 400.0
3 F-4 32.5 x 40 40 x 42.5 43.5 400.0
4 BCJ2 20 x 30 25 x 25 - -
5 BCJ3 20 x 30 25 x 30 - -
6 BCJ4 20 x 30 25 x 35 - -
7 8 35 x 60 40 x 40 24.1 413.7
8 9 35 x 60 40 x 40 24.1 413.7
9 10 35 x 60 40 x 40 24.1 413.7

10
Interior joint, 
continuous 

reinforcement
35.6 x 61 40.6 x 40.6 24.0 410.0

11
Interior joint, 

discontinuous 
reinforcement

35.6 x 61 40.6 x 40.6 24.0 410.0

12 I-07 35 x 60 40 x 40 24.1 413.7
13 I-08 35 x 60 40 x 40 24.1 413.7
14 I-09 35 x 60 40 x 40 24.1 413.7
15 I-11 35 x 60 40 x 40 24.1 413.7
16 I-13 35 x 60 40 x 40 24.1 413.7
17 I-15 35 x 60 40 x 40 24.1 413.7
18 I-17 35 x 60 40 x 40 24.1 413.7
19 I-20 35 x 60 40 x 40 24.1 413.7

20 Lehman et al. 
(2000) Reference - - 34.5 -

21 PB-1 25 x 38 35 x 35 21.0 525.0
22 PNB-2 25 x 38 35 x 35 21.0 525.0
23 PNB-3 25 x 38 35 x 35 21.9 525.0
24 PBU-4 25 x 38 35 x 35 22.2 525.0
25 O1 30 x 50 30 x 46 41.0 325.0
26 O4 30 x 50 46 x 46 53.0 315.0
27 O5 30 x 50 46 x 46 33.0 315.0
28 C1A 30 x 55 35 x 50 23.7 500.0
29 C1B 30 x 55 35 x 50 23.7 500.0
30 C4A 30 x 55 40 x 40 23.7 500.0
31 C4B 30 x 55 40 x 40 23.7 500.0

- Information was not available.

Yin et al. (2001)

Hatamoto and 
Bessho (1988)

Hakuto et al. 
(2000)

Leon (1990)

Kitayama et al. 
(2000)

Pessiki et al. 
(1990)

Beres et al. 
(1992)

Beres et al. 
(1996)

 
For the first two damage states, severe cracking in the beam and severe cracking in the 

column, it was assumed that severe cracking occurs at interstory drift ratio corresponding to 

yielding of the longitudinal reinforcement of the element. This assumption was based on the 

experimental results corresponding to experiencing severe cracking damage state in slab-column 

connections and in reinforced concrete columns. Therefore, to estimate interstory drift ratio 

corresponding to damage states 1 and 2 in interior beam-column connections, Eq. (4.9) has been 

used.  

Interstory drift ratios corresponding to the third and fourth damage states in interior beam-

column connections, joint severe cracking and joint spalling, are presented in columns 3 and 4 of 
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Table 4.11. The third damage state can occur anywhere from 0.88% to 2.27% interstory drift and 

the fourth damage state can occur anywhere from 1.7% to 3.9% interstory drift ratios. 

None of the test specimens were tested for loss of vertical carrying capacity damage state. 

However, in 20 cases the specimens were tested for a few more load cycles. Maximum drift 

ratios at which testing were stopped in specimens where the behavior of the specimen after joint 

spalling was studied range between 3.3% and 6.5%. 

 
Table 4.11. Interstory drift ratios used to develop fragility functions for interior beam-column connections. 

(1) (2) (3) (4) (5) (6)
1 * * 1.20 3.40 5.00
2 * * ** ** 5.00
3 * * 1.70 ** 5.00
4 * * 2.27 ** 5.98
5 * * 1.70 ** **
6 * * 1.24 ** **
7 * * ** 3.20 3.80
8 * * ** 3.90 5.00
9 * * ** 2.90 3.75

10 * * ** 2.90 4.10
11 * * ** 2.60 3.90
12 * * ** 1.70 3.30
13 * * ** 1.70 **
14 * * ** 2.70 4.00
15 * * ** ** 3.60
16 * * ** 2.30 4.50
17 * * ** 1.70 **
18 * * ** 2.60 **
19 * * ** 2.00 **
20 * * 1.00 3.00 5.00
21 * * ** 3.03 6.20
22 * * ** 3.03 6.44
23 * * ** 3.03 6.50
24 * * ** 3.03 6.40
25 * * 0.88 2.65 **
26 * * 0.90 3.60 4.50
27 * * ** 2.70 5.00
28 * * 2.10 3.20 **
29 * * 2.00 3.60 **
30 * * 2.20 3.85 **
31 * * ** 3.80 **

* Eq. (4.9) was used.
** Information was not available.

IDRDS5  

(%)
Specimen 
Number

IDRDS4  

(%)
IDRDS3  

(%)
IDRDS1  

(%)
IDRDS2  

(%)
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4.2.3.3. Fragility functions 

Drift-based fragility functions have been developed to incorporate specimen-to-specimen 

variability in interior beam-column connections. It was assumed and verified that the fragility 

functions at all damage states of an interior beam-column connection follows a cumulative 

lognormal distribution, Eq. (4.1). For the first and second damage states, severe cracking in the 

beam and severe cracking in the column, the median interstory drift ratio was estimated using  

Eq. (4.9) and the logarithmic standard deviation of the interstory drift ratio was assumed to be 

0.36 as recommended by Panagiotakos and Fardis (2001). In order to develop fragility functions 

for the  
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Fig. 4.34. Fragility functions fitted to interstory drift ratios corresponding to the third and fourth damage 

states in interior beam-column connections.  

Figs. 4.28a and 4.28b show cumulative distribution functions for the third and fourth damage 

states, respectively. Also plotted in these figures are fitted lognormal cumulative distribution  

other damage states, damage states 3,4 and 5, cumulative frequency distribution functions of 

interstory drifts corresponding to each damage state were obtained by plotting ascending-sorted 

interstory drifts at which each damage state was experimentally observed against (i-0.5)/n. 

functions of the interstory drift ratios given by Eq. (4.1) and a graphical representation of the 

Kolmogorov-Smirnov goodness-of-fit test for 10% significance levels that verifies the adequacy 

of the lognormality assumption for fragility functions at these damage states. Parameters for the 

fitted lognormal probability distribution are given in Table 4.12. 

(a) (b) 
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Table 4.12. Statistical parameters estimated for interstory drift ratios corresponding to the five damage 
states of interior beam-column connections. 

(2) (3) (4)

Eq. (4.9) 0.36 -

Eq. (4.9) 0.36 -

1.70 0.37 11

3.00 0.25 25

4.73 0.22 16DS5: Loss of Vertical Carrying Capacity

Number of 
Specimens 

(n )
Damage State

DS4:Joint Spalling

(1)

DS1: Severe Cracking in the Beam

DS2: Severe Cracking in the Column

DS3: Severe Cracking in the Joint

 
 

In order to obtain an estimate of the probability of experiencing loss of vertical carrying 

capacity in interior beam-column connections, an approach similar to what used for loss of 

vertical carrying capacity damage state in slab-column connections was used. For each beam-

column specimen that was subjected to further cyclic loading after joint spalling, the following 

ratio was computed 

4

5

DS

DS

IDR
IDR

=Γ                   (4.22) 

where IDRDS5 is the interstory drift ratio at which the test was stopped in specimens. Fig. 4.35 

shows an empirical cumulative frequency distribution of Γ , P(Γ<γ). It can be seen that these 

ratios of drifts range from 1.2 to 2.1 with an average value of 1.7. Also shown in this figure is a 

shifted lognormal fit to this parameter with a median equal to 1.64 and a logarithmic standard 

deviation of 0.21, and 10% significance levels of the Kolmogorov-Smirnov goodness-of-fit test. 

As shown in this figure all data points lie within the confidence bands, indicating that it is 

adequate to assume that this ratio is also lognormally distributed. 

The interstory drift ratio at which loss of vertical carrying capacity occurs is assumed to be 

lognormally distributed with median and logarithmic standard deviations given by 

45 64.1 DSDS IDRIDR ⋅=           (4.23) 

045.018.0
445

2 +−=
DSDSDS IDRLnIDRLnIDRLn σσσ       (4.24) 

The value of -0.18 in Eq. (4.24) corresponds to the correlation between the drift in which 

joint spalling was reported and the amplification factor Γ.  

(%)IDR IDRLnσ
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It should be noted that full loss of vertical carrying capacity was not reached in any of the 

tests, so the fragility function computed with Eqs. (4.1), (4.23) and (4.24) provides a conservative 

estimate of the probability of losing vertical carrying capacity at a given drift. Furthermore, since 

the column in an interior beam-column connection is fully surrounded by spandrel beams, loss of 

vertical carrying capacity in the connection should occur after losing vertical carrying capacity in 

the column. This additional requirement needs to be taken into account when damage assessment 

is performed for the purpose of loss estimation which is the goal in this study. 
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Fig. 4.35. Lognormal cumulative distribution function fitted to the cumulative frequency distribution of 

Γ to develop a conservative estimate for the fragility function corresponding to the loss of vertical carrying 

capacity damage state in interior beam-column connections. 

4.2.3.4. Fragility functions and probability of being at each damage state for interior 

beam-column connections of the case study building 

Figure 4.36 presents fragility functions and probability of being at each damage state for the 

five damage states of interior beam-column connections in the case study building. Since the 

geometry and material properties of the members are different in the first story and other stories, 

fragility functions for the first two damage states are different in the first story compared to 

fragility functions at other stories. 
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Fig. 4.36. Fragility functions and probability of being at each damage state for interior beam-column 

connections of the case study building. 

4.2.4 Exterior beam-column connections 

4.2.4.1 Definition of damage states 

Definition of damage states in exterior beam-column connections are identical to those of 

interior beam-column connections; DS1 Severe Cracking in the Beam, DS2 Severe Cracking in 

the Column, DS3 Severe Cracking in the Joint, DS4 Joint Spalling, and DS5 Loss of Vertical 

Carrying Capacity. 
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4.2.4.2. Experimental results used 

Results from experimental studies have been used to establish levels of lateral deformations 

associated with damage states of exterior beam-column connections. Information about the 

material properties and characteristics of all specimens considered in this study is summarized in 

Table 4.13, which includes 9 experimental research investigations for a total of 23 specimens.  

 
Table 4.13. Properties of reinforced concrete exterior beam-column specimens used in this study. 

Specimen 
Number References Label

Beam 
Section 

(cm x cm)

Column 
Section 

(cm x cm)
f'c (Mpa) Fy (Mpa)

(1) (2) (3) (4) (5) (6) (7)

1
San Fernando Earthquake 
(1971), Damage reported 
in the case study building

1st story, 
exterior 

connection
40 x 75 50 x 50 27.6 413.7

2 Megget (1974) Unit A 25.5 x 46 33 x 38 22.5 345.0

3 Beres et al. (1992) Exterior 
joint

35.6 x 61 40.6 x 40.6 24.0 410.0

4 1 20 x 40 20 x 30 31.3 457.6
5 2 20 x 40 20 x 30 31.3 457.6
6 3 20 x 40 20 x 30 31.3 457.6
7 4 20 x 40 20 x 30 31.3 457.6
8 E-01 35 x 60 40 x 40 24.1 413.7
9 E-04 35 x 60 40 x 40 24.1 413.7

10 E-05 35 x 60 40 x 40 24.1 413.7
11 E-10 35 x 60 40 x 40 24.1 413.7
12 E-12 35 x 60 40 x 40 24.1 413.7
13 E-13 35 x 60 40 x 40 24.1 413.7
14 M1 20 x 30 20 x 20 34.0 -
15 M2 20 x 30 20 x 20 33.5 -
16 O1 20 x 30 20 x 20 16.0 -
17 P1 20 x 30 20 x 20 33.0 -
18 2 30 x 40 30 x 45 46.2 460.0
19 4 30 x 40 30 x 45 41.0 460.0
20 5 30 x 40 30 x 45 37.0 460.0
21 6 30 x 40 30 x 45 40.1 460.0
22 O-6 30 x 50 46 x 46 34.0 308.0
23 O-7 30 x 50 46 x 46 31.0 398.0

- Information was not available.

Adin et al. (1993)

Beres et al. (1996)

Tsonos (1999)

Tsonos (2000)

Clyde et al. (2000)

Hakuto et al. (2000)

 
Similarly to interior beam-column connections, for the first two damage states in exterior 

beam-column connections , severe cracking in the beam and severe cracking in the column, the 

corresponding interstory drift ratio was computed using Eq. (4.9). Interstory drift ratios 

corresponding to the third and fourth damage states in exterior beam-column connections, joint 

severe cracking and joint spalling, are presented in columns 3 and 4 of Table 4.14. The third 

damage state can occur anywhere from 0.4% to 2.4% interstory drift and the fourth damage state 

can occur anywhere from 1.8% to 4.2% drift. None of the test specimens were tested for loss of 

vertical carrying capacity damage state. However, in 4 studies representing a total of 10 cases the 
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specimens were tested for a few more load cycles. Maximum drifts at which testing was stopped 

in specimens where the behavior of the specimen after joint spalling was studied range between 

2.2% and 5.5%. 

 
Table 4.14. Interstory drift ratios used to develop fragility functions for the five damage states in exterior 

beam-column connections. 

(1) (2) (3) (4) (5) (6)
1 * * 0.48 ** ** 
2 * * 2.40 4.20 ** 
3 * * 1.33 2.50 ** 
4 * * ** 3.00 ** 
5 * * ** 2.70 ** 
6 * * ** 3.70 ** 
7 * * ** 3.00 ** 
8 * * 1.60 2.50 ** 
9 * * 1.90 3.40 ** 

10 * * 1.75 3.10 ** 
11 * * 2.05 ** ** 
12 * * 1.20 ** ** 
13 * * 1.20 3.00 ** 
14 * * 1.10 3.20 5.20
15 * * 1.33 3.00 5.50
16 * * 1.50 3.50 4.50
17 * * 2.00 4.00 4.50
18 * * 1.91 2.47 2.95
19 * * 1.43 1.84 2.20
20 * * 1.67 2.36 2.90
21 * * 1.90 2.64 3.57
22 * * 1.30 3.25 4.90
23 * * 0.40 3.60 4.10

* Eq. (4.9) was used.
** Information was not available.

IDRDS5  

(%)
Specimen 
Number

IDRDS4  

(%)
IDRDS3  

(%)
IDRDS1  

(%)
IDRDS2  

(%)

 

4.2.4.3. Fragility functions 

Fragility functions developed to incorporate specimen-to-specimen variability of exterior 

beam-column connections. It was assumed and verified that the fragility functions at each 

damage state follows a cumulative lognormal distribution. For the first and second damage states, 

severe cracking in the beam and severe cracking in the column, the median interstory drift ratio 

was computed from Eq. (4.9) and the logarithmic standard deviation was assumed to be 0.36 as 

recommended by Panagiotakos and Fardis (2001). For damage states 3 and 4 in exterior beam-

column connections, cumulative frequency distribution functions of interstory drifts 
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corresponding to each damage state were obtained by plotting ascending-sorted interstory drifts 

at which each damage state was experimentally observed against (i-0.5)/n.  
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Fig. 4.37. Fragility functions fitted to interstory drift ratios corresponding to the third and fourth damage 

states in exterior beam-column connections.  

Figures 4.37a and 4.37b show cumulative distribution functions for the third and fourth 

damage states, respectively. Also plotted in these figures are fitted lognormal cumulative 

distribution functions of the interstory drift ratios given by Eq. (4.1) and a graphical 

representation of the Kolmogorov-Smirnov goodness-of-fit test for 10% significance levels that 

verifies the adequacy of the lognormality assumption for fragility functions at these damage 

states. Parameters for the fitted lognormal probability distribution are given in Table 4.15. 

In order to obtain an estimate of the probability of experiencing loss of vertical carrying capacity 

in exterior beam-column connections, an approach similar to what used for loss of vertical 

carrying capacity damage state in interior beam-column connections is used. Fig. 4.38 shows an 

empirical cumulative frequency distribution of Γ , P(Γ<γ). It can be seen that these ratios of drifts 

range from 1.1 to 1.8 with an average value of 1.35. Also shown in this figure is a shifted 

lognormal fit to this parameter with a median equal to 1.33 and a logarithmic standard deviation 

of 0.16, and 10% significance levels of the Kolmogorov-Smirnov goodness-of-fit test. As shown 

in this figure all data points lie within the confidence bands, indicating that it is adequate to 

assume that this ratio is also lognormally distributed. 

 

(a) (b) 
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Table 4.15. Statistical parameters estimated for interstory drift ratios corresponding to the five damage 

states in exterior beam-column connections. 

(2) (3) (4)

Eq. (4.9) 0.36 -

Eq. (4.9) 0.36 -

1.50 0.46 19

3.00 0.20 20

3.88 0.30 10DS5: Loss of Vertical Carrying Capacity

Number of 
Specimens 

(n )
Damage State

DS4:Joint Spalling

(1)

DS1: Severe Cracking in the Beam

DS2: Severe Cracking in the Column

DS3: Severe Cracking in the Joint
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Fig. 4.38. Lognormal cumulative distribution function fitted to the cumulative frequency distribution of 

Γ to develop a conservative estimate for the fragility function corresponding to the loss of vertical carrying 

capacity damage state in exterior beam-column connections. 

The interstory drift ratio at which loss of vertical carrying capacity occurs is assumed to be 

lognormally distributed with median and logarithmic standard deviations given by 

45 33.1 DSDS IDRIDR ⋅=     (4.25) 

027.003.0
445

2 ++=
DSDSDS IDRLnIDRLnIDRLn σσσ    (4.26) 

(%)IDR IDRLnσ
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The value of +0.03 in Eq. (4.25) corresponds to the correlation between the drift in which joint 

spalling was reported and the amplification factor Γ.  

It should be noted that full loss of vertical carrying capacity was not reached in any of the 

tests, so the fragility function computed with Eqs. (4.1), (4.25) and (4.26) provides a conservative 

estimate of the probability of losing vertical carrying capacity at a given drift. Furthermore, since 

the column in an exterior beam-column connection is partially surrounded by spandrel beams on 

one side, loss of vertical carrying capacity in the connection should occur after losing vertical 

carrying capacity in the column. This additional requirement needs to be taken into account when 

damage assessment is performed for the purpose of loss estimation which is the goal in this 

study. 

4.2.4.4. Fragility functions and probability of being at each damage state for exterior 

beam-column connections of the case study building 

Figure 4.39 presents fragility functions and probability of being at each damage state for the 

five damage states of exterior beam-column connections in the case study building. Since the 

geometry and material properties of the members are different in the first story and other stories, 

fragility functions for the first two damage states are different in the first story compared to 

fragility functions at other stories. 

4.3 Summary of Fragility Functions for Non-structural 
Components 

The following two types of non-structural components are considered in this study: 

Drift-sensitive non-structural components: This category of non-structural components 

includes those components that the level of damage sustained by them is primarily a function of 

the level of interstory drift ratio. For example, gypsum-board partitions and sliding windows are 

components that corresponding damage in them is primarily a function of the level of interstory 

drift ratio in the component.  

Acceleration-sensitive non-structural components: This category of non-structural 

components includes those components that the damage sustained by them is primarily a function 

of the level of peak floor acceleration. For example, acoustical ceilings and vertical pipings are 

components that the level of damage sustained by them is primarily a function of the level of 

peak floor acceleration in the component.  

Similar to the fragility functions for structural components, it can be shown that fragility 

functions for non-structural components follow a cumulative lognormal  distribution.  Parameters  
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Fig. 4.39. Fragility functions and probability of being at each damage state for exterior beam-column 

connections of the case study building. 

to develop lognormal fragility functions for non-structural components are presented in the 

sections, bellow. More details on developing fragility functions for non-structural components 

can be found in PEER (2005) and Taghavi and Miranda (2003). 

4.3.1 Fragility functions for drift-sensitive non-structural components 

Tables 4.16 and 4.17 present statistical parameters required to develop fragility function for 

two drift-sensitive non-structural components; gypsum-board partitions and sliding windows. For 

each component, three damage states were defined on the basis of the course of actions required 
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to repair or replace the components. A short description for each damage state is also presented 

in the Tables. In cases where information to develop fragility functions for drift-sensitive non-

structural components were not available, generic fragility functions for drift-sensitive non-

structural components were used. Parameters for generic fragility functions are extracted from 

NIBS (1999) and are presented in Table 4.18. 

 
Table 4.16. Statistical parameters for fragility functions for gypsum-board partitions 

Damage State (DS) 

(1) 

 

(2) 

 

(3) 

DS1: Visible damage and small cracks in 

gypsum board that can be repaired with 

taping, pasting and painting. 

0.40 0.56 

DS2: Extensive crack in gypsum board that 

can be repaired with replacing the gypsum 

board, taping, pasting and painting. 

0.78 0.27 

DS3: Damage to panel and also frame that 

can be repaired with replacing gypsum 

board and frame, taping, pasting and 

painting. 

1.10 0.25 

 
Table 4.17. Statistical parameters for fragility functions of sliding windows 

Damage State (DS) 

(1) 

 

(2) 

 

(3) 

DS1: Some minor damages around the frame that can be 

repaired with realignment of the window. 
1.60 0.29 

DS2: Occurrence of cracking at glass panel without any 

fall-out of the glass that can be repaired with replacing of 

the glass panel. 

3.20 0.29 

DS3: Part of glass panel falls out of the frame. The 

damage state can be repaired with replacing of glass panel. 
3.60 0.27 

 
 
 
 
 
 

(%)IDR IDRLnσ

(%)IDR IDRLnσ
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Table 4.18. Statistical parameters for fragility functions of generic non-structural drift- sensitive 
components 

Damage State (DS) 

(1) 

 

(2) 

 

(3) 

DS1: Slight damage 0.40 0.50 

DS2: Moderate damage 0.80 0.50 

DS3: Extensive damage 2.50 0.50 

DS4: Complete damage 5.00 0.50 

4.3.2 Fragility functions for acceleration-sensitive non-structural 

components 

Table 4.19 presents statistical parameters required to develop fragility function for acoustical 

ceilings. For this component, three damage states were defined on the basis of the course of 

actions required to repair or replace the component. A short description for each damage state is 

also presented in the table. In cases where information to develop fragility functions for 

acceleration-sensitive non-structural components were not available, generic fragility functions 

for acceleration-sensitive non-structural components were used. Parameters for generic fragility 

functions are extracted from NIBS (1999) and are presented in Table 4.19. 
Table 4.19. Statistical parameters for fragility functions of suspended acoustical ceilings 

Damage State (DS) 

(1) 

 

(2) 

 

(3) 

DS1: Hanging wires are splayed and few panels fall 

down. The damage state can be repaired with fixing 

the hanging wires and replacing the fallen panel. 

0.27g 0.40 

DS2: Damage to some of main runners and cross tee 

bars in addition to hanging wires. The damage state 

can be repaired with replacing the damaged parts of 

grid, fallen panels and damaged hanging wires. 

0.65g 0.50 

DS3: Ceiling grid tilts downward (near collapse). The 

damage state can be repaired with replacing the 

ceiling and panels 

1.28g 0.55 

 

(%)IDR IDRLnσ

PFA PFALnσ
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Table 4.20. Statistical parameters for fragility functions of generic non-structural acceleration-sensitive 
components 

Damage State (DS) 

(1) 

 

(2) 

 

(3) 

DS1: Slight damage 0.25g 0.60 

DS2: Moderate damage 0.50g 0.60 

DS3: Extensive damage 1.00g 0.60 

DS4: Complete damage 2.00g 0.60 

PFA PFALnσ
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C h a p t e r  5  

ASSESSMENT OF COMPONENTS LOSS 
FUNCTIONS 

5.1 Introduction 

An adequate implementation of performance-based seismic design (PBSD) requires a 

relationship between the ground motion intensity and economic losses in the structure. Previous 

loss estimation studies have provided loss functions for economic losses that include costs for 

repair and replacement of damage to the structural system, nonstructural components and 

building contents (NIBS, 1999; Kircher et al., 1997). In HAZUS® (NIBS, 1999), the costs of 

slight, moderate, extensive and complete structural and nonstructural damage in the building 

have been defined as functions of full replacement cost of the buildings. These functions are 

similar in concept to central damage factors of ATC-13 (ATC, 1985), but are calibrated to better 

reflect observed earthquake losses. However, repair or replacement costs presented in HAZUS 

have been provided for groups of structural or non-structural components and not individual 

components. Furthermore, the uncertainty associated with cost of repair or replacement when a 

damage state has been observed in a group of structural or nonstructural components has not 

been taken into account.  

In the probabilistic framework being developed at the Pacific Earthquake Engineering 

Research (PEER) Center, estimation of economic losses is performed in four steps. In the first 

step a probabilistic seismic hazard analysis is conducted to estimate the annual frequency of 

exceedance of the ground motion intensity at the site. In the second step, a probabilistic 

description of the structural response at increasing levels of ground motion intensity is obtained 

through a series of response history analyses. This second step was explained in chapter 3. In a 

second step, damage to individual structural and nonstructural components is estimated as a 
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function of structural response parameters (e.g., peak interstory drift demands, peak floor 

accelerations, etc.) computed in the first step. This second step was explained in chapter 4. In the 

third step, economic losses to individual components are estimated as a function of the level of 

damage sustained by the component. Developing functions that estimate component economic 

losses at various damage states, loss functions, is explained in this chapter. Unlike previous loss 

estimation studies, in this study the uncertainty corresponding to the cost of repair or replacement 

actions when the component is at a specific damage state has explicitly been taken into account 

in development of loss functions. 

5.2 Loss Functions 

As stated in chapter 4, damage states in an individual structural or non-structural component 

have been defined on the basis of specific repair and/or replacement actions that would have to 

be taken as a result of the observed damage. This approach in defining damage states facilitates 

the estimation of economic losses resulting from the occurrence of the damage in the component.  

In this study, economic losses in a component are defined in terms of loss functions. Loss 

functions have been defined as probabilistic estimates of the costs associated with the repair or 

replacement actions required in an individual component when a specific damage state has been 

observed in the component. In particular, a loss function provides information of the probability 

of experiencing a certain level of dollar loss when a damage state has been observed in the 

component. In other words, they provide a probability of occurrence of a level of economic loss 

conditioned on the damage state in a component. 

Economic losses in an individual component when a specific damage state has been observed 

in the component can be normalized as follows  

( )
j

ij
ij a

DSLC
DSL

|
| =        (5.1) 

where LCj|DSi is the economic loss in component j, when damage state i has occurred in the 

component, aj is the expected cost for a new component and Lj|DSi is the normalized loss in 

component j when damage state i has occurred in the component. 

Normalized economic losses in an individual component when a specific damage state has 

been observed in the component are assumed to be random variables which can be computed as 

the sum of the normalized costs of repair actions required in the component as follows  

∑
=

=
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k
kij RADSL

1
|                    (5.2) 
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where RAk is the cost of the kth repair action normalized by the cost for a new component, and K 

is the total number of repair actions corresponding to damage state i. 

In this study, on the basis of recommendations in FEMA 276 (1997), it is assumed that the 

loss functions, which are the probability of occurrence of a certain level of normalized loss in an 

individual component when a certain damage state has been observed in the component, follow a 

cumulative lognormal distribution as follows 

⎥
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⎡ −
Φ==≤
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ij
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|)(
)|(

σ

μ        (5.3) 

where Φ is the standard cumulative normal distribution, 
ij DSLLn | μ  and 

ij DSLLn |σ  are the 

logarithmic mean and logarithmic standard deviations of the loss in component j when damage 

state i has occurred in the component, respectively.  

The logarithmic mean and logarithmic standard deviation of the normalized loss conditioned 

on a damage state, (Lj|DSi), can be calculated from the relationships between the mean and 

standard deviation of Ln (Lj|DSi) and (Lj|DSi), where (Lj|DSi) is lognormally distributed, as 

follows  
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where E[Lj | DSi] is the expected value of the loss in component j when damage state i has been 

observed in the component and can be computed as 

[ ] [ ]∑
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kij RAEDSLE
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|        (5.6) 

where E[RAk] is the expected normalized cost associated with the kth repair action. 

In Eqs. (5.4) and (5.5) σ [Lj | DSi] is the standard deviation of the loss in component j when 

damage state i has been observed in the component and can be computed as 
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where σ [RAki] is the standard deviation of the normalized cost for repair action ki, σ [RAkj] is the 

standard deviation of the normalized cost for repair action kj, 
kjki RARA ,ρ is the correlation 

coefficient between the cost of repair action ki and repair action kj.  

In order to estimate the expected normalized loss in a component at each damage state,     

E[Lj | DSi], and the standard deviation of the normalized loss at each damage state, σ [Lj | DSi], 

using Eqs. (5.6) and (5.7), respectively, it is required to obtain information about the expected 

cost and dispersion of the cost associated with various repair/replacement actions at the 

component level. Furthermore, to estimate σ [Lj | DSi], information on the correlation coefficient 

between different repair actions is required as can be seen in Eq. (5.7). However, very limited 

information is available on the statistics of different repair actions. In particular, at the time of 

this study, to the best of the author’s knowledge, no information was available on the dispersion 

of specific repair actions at the component level and also no information was available on the 

correlation coefficients between different repair actions corresponding to different damage states 

in individual components. Therefore, it was not possible to use Eq. (5.7) to estimate σ [Lj | DSi] 

due to lack of information. Alternatively, with certain simplifying assumptions the following cost 

databases have been used to estimate the statistical parameters of the loss functions. 

5.3 Cost Databases Used in this Study 

In order to estimate the expected normalized loss of a component conditioned on a damage 

state, E[Lj | DSi] using Eq. (5.6), it was assumed that the expected normalized cost associated 

with the kth repair action, E[RAk] can be obtained from cost estimates provided in Means data 

bases, namely Means Building Construction Cost Data (Waier, 2003), Means Assemblies Cost 

Data (Balboni, 2003), Means Concrete and Masonry Cost Data (Feguson, 2003) and Means 

Square Foot Costs (Balboni, 2003). Furthermore, in developing some of the loss functions, 

information gathered by personal conversations with subcontractors specialized in repair work 

were also used (Ron L. Bishop & Associates, Inc.; Chemco Systems, Inc.).  

Estimation of the standard deviation of the normalized loss of a component conditioned on a 

damage state, σ [Lj | DSi] is based on information provided on the dispersion and correlation 

coefficients corresponding to various cost items of building construction, instead of using Eq. 

(5.7). Touran and Lerdwuthirong (1997) and Touran and Wiser (1992) provide the standard 

deviation and correlation coefficient for various cost items corresponding to construction costs of 

low-rise office buildings, using a database of unit cost data of 1,014 low-rise office buildings. 

Table 5.1 provides information on the mean,  standard  deviation and  coefficient of  variations of 
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Table 5.1. Statistical parameters for construction cost items (Modified from Touran and Lerdwuthirong, 

1997). 

Mean
Standard 

Deviation (σ)
Coefficient of 

Variation (c.o.v)
Logarithmic 
Mean (μ Ln )

Logarithmic Standard 
Deviation (σ Ln )

($/S.F.) ($/S.F.)
(1) (2) (3) (4) (5) (6)

Concrete $5.80 $5.52 1.0 1.44 0.80
Masonry $3.86 $3.28 0.8 1.08 0.74
Metals $5.12 $3.80 0.7 1.41 0.66
Carpentry $3.58 $3.96 1.1 0.88 0.89
Moisture Protection $2.95 $2.44 0.8 0.82 0.72
Doors, windows, and glass $3.78 $3.11 0.8 1.07 0.72
Finishes $5.84 $3.74 0.6 1.59 0.59
Mechanical $8.94 $5.84 0.7 2.01 0.60
Electrical $5.61 $3.45 0.6 1.56 0.57

Cost Item

 
 

various construction cost items extracted from Touran and Lerdwuthirong (1997). Mean and 

standard deviation for each cost item are presented in dollars per square foot. Coefficients of 

variation of the cost items are computed as the ratio between the standard deviation of the cost 

item to its mean value. As shown in Table 5.1, coefficient of variations of cost items are very 

large and range from a minimum value of 0.6 to as high as 1.1.  

The correlation coefficient matrix for different construction cost items is shown in Fig. 5.1. 

As can be seen in the figure, majority of construction cost items are positively correlated to 

eachother. The correlation coefficient between construction cost items varies from a minimum of 

-0.33 which corresponds to the correlation coefficient between cost of metals and cost of 

carpentry items to a maximum of 0.79 which corresponds to correlation coefficient between cost 

of mechanical and cost of electrical items. 

Another study, FEMA 276 (1997) provides some information on the probability distribution 

of rehabilitation costs in typical structural components which is categorized by performance level 

and seismicity level. Table 5.2 provides information on the mean, standard deviation and 

coefficient of variations of rehabilitation costs corresponding to typical structural repairs for two 

levels of performance, namely life safety and immediate occupancy, and at moderate and high 

levels of seismicity. It can be seen in the table that coefficients of variation of the structural cost 

of rehabilitation for typical structural costs are similar to those reported by Touran and 

Lerdwuthirong (1997) and range from a minimum of 0.6 to a maximum of 0.8. 
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Concrete Masonry Metals Carpentry Moisture 
Protection

Doors, windows, 
and glass Finishes Mechanical Electrical

Concrete 1.00

Masonry 0.06 1.00

Metals 0.11 -0.01 1.00

Carpentry -0.04 0.11 -0.33 1.00

Moisture 
Protection 0.19 0.06 0.12 0.18 1.00

Doors, 
windows, 
and glass

0.12 0.14 0.39 0.03 0.16 1.00

Finishes 0.21 0.22 0.20 0.07 0.18 0.25 1.00

Mechanical 0.38 0.33 0.35 -0.02 0.18 0.28 0.42 1.00

Electrical 0.40 0.30 0.33 0.07 0.15 0.36 0.44 0.79 1.00

 
Fig. 5.1. Correlation coefficient matrix for various construction cost items (based on data by Touran and 

Lerdwuthirong, 1997). 

Table 5.2. Statistical parameters of rehabilitation costs for typical structural repair in buildings     
(modified from FEMA 276, 1997). 

Mean
Standard 

Deviation (σ)
Coefficient of 

Variation (c.o.v)
Logarithmic 
Mean (μ Ln )

Logarithmic Standard 
Deviation (σ Ln )

($/S.F.) ($/S.F.)
(1) (2) (3) (4) (5) (6) (7)

Moderate Life Safety $17.00 $13.60 0.8 2.59 0.70
Moderate Immediate Occupancy $33.00 $26.40 0.8 3.25 0.70

High Life Safety $28.00 $22.40 0.8 3.08 0.70
High Immediate Occupancy $49.00 $29.40 0.6 3.74 0.55

Seimicity Level Performance Level

 

5.4 Expected Cost of New Components for the Case Study 
Building 

Component loss functions were developed for normalized losses, in which component losses 

are normalized by the average cost of new component. Therefore, one primary requirement to 

develop loss functions is the cost of a new component, aj in Eq. (5.1). Cost of a new component 

is defined as the total construction cost required to build a new component. It should be noted 

Symmetric 
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that cost of a new component is less than the cost of replacement for that component in the sense 

that construction costs corresponding to removing the damaged component has not been 

included. 

Estimation of the cost of new components depends on the type of the building under 

consideration and the location of the component in the building. Table 5.3 presents cost for new 

structural components estimated for the case study building. These costs have been estimated 

using a two-step approach. In the first step, the total cost of structural components in the case 

study building has been estimated as a percentage of the total construction cost of the project. 

The total construction cost of the case study building was $ 1,300,000 in 1966 dollars as reported 

by John A. Blume & Associates (1973) which would be equivalent to $ 8,500,000 in 2003 

dollars. The construction cost was converted into 2003 dollars using Engineering News Records 

(ENR) construction cost indexes (ENR, 2003). It was assumed that 17% of this construction cost 

corresponds to structural components. This assumption is based on the ratio of the construction 

cost of structural components to the total construction cost of the project reported in Means 

Square Foot Costs database (Balboni, 2003) and a comprehensive study by Kustu et al. (1982).  

In the second step, the total construction cost of structural components was divided to the 

following five categories of structural components; (1) Slab-column connections, (2) Columns 

located in the first story of the building, (3) Columns located in other stories, (4) Interior beam-

column connections, and (5) Exterior beam-column connections. The portion of construction cost 

of structural components that corresponds to each of the five categories of structural components 

was estimated using information on the cost of new components provided in Means Assemblies 

Cost Data (Balboni, 2003). Cost of new structural components was then estimated by dividing 

the construction cost of a category of structural components to the total number of those 

components in the case study building.  

Table 5.4 presents cost for new nonstructural components in the case study building. 

Information presented in this table is based on a detailed investigation and developing a cost 

database for various nonstructural components in the case study building (Taghavi and Miranda, 

2003; Vaughan et al., 2002). Since limited information is available on the fragility of 

nonstructural elements, nonstructural components were grouped into six fragility categories; (1) 

Partitions, (2) DS3 Partition-like, (3) Windows, (4) Generic Drift-Sensitive Nonstructural 

Components, (5) Suspended Ceilings, (6) Generic Acceleration-Sensitive Nonstructural 

Components. The first four categories are drift-sensitive nonstructural components and the last 

two categories are acceleration-sensitive nonstructural components in the building. The second 

category, DS3 Partition-like, refer to components that should be replaced when damage state 3 
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has been observed in partitions. Therefore, loss function for this group consists of a single-state 

loss function corresponding to the second damage state of partitions. In other words, when the 

second damage state in a partition has been observed the components in DS3 Partition-like 

category should be replaced. In Table 5.4, Column 2 presents a list of components that were 

considered in each nonstructural component fragility category. Columns 3 and 4 in the table 

provide the cost of each nonstructural component category in 2003 dollars for first story and 

other stories. The distinction of nonstructural components in the first story and nonstructural 

components in other stories is based on the architectural difference in the first story of the case 

study building and other stories. A detailed description on the architecture of the case study 

building can be found in Appendix A. 

 
Table 5.3. Estimated costs for new structural components in the case study building. 

Component Cost of New

(1) (2)

Slab-column connections $5,905

1st story columns $1,765

Columns in other stories $1,098

Interior beam-column connections $3,634

Exterior beam-column connections $1,817  
 

Table 5.4. Estimated costs for new nonstructural components in the case study building. 

First Story Other stories
(1) (2) (3) (4)

Partitions Partitions, Facade, Wall finishes, Doors, Walls $203,377 $308,855

DS 3  Partition-like Floor finishes, Sinks, Power outlets, Light 
switches $65,751 $67,536

Windows group Windows $82,549 $68,792

Generic Drift-Sensitive Vertical piping, Bath tub, F.H.C., Ducts, 
Elevator $186,670 $234,782

Suspended Ceilings Suspended ceiling, Horizontal piping, Vents, 
Plaster ceiling, Light fixtures $164,412 $136,920

Generic Acceleration-Sensitive Fire protection system, HVAC, Heating, 
Cooling, Pumps, Plumbing, Elevator, Toilets $180,452 $146,106

Cost of New per Story ($)
List of Components in the GroupGroup Name

 

5.5 Loss Functions for Structural Components 

Two statistical parameters are required to develop loss functions for structural components using 

Eq. (5.3); the logarithmic mean and the logarithmic standard deviation of the loss at each damage 
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state, 
ij DSLLn | μ and 

ij DSLLn | σ , respectively. These two parameters can be obtained from the 

expected loss in the component conditioned on each damage state, E[Lj | DSi], in the component 

and the standard deviation of the loss in the component at each damage state, σ[Lj | DSi]. 

Expected loss at different damage  states  is  obtained  as  the sum  of  the  cost  of  repair  actions  
 

Table 5.5. Unit costs for repair actions required for each damage state in slab-column connections. 

Damage 
State Repair action Cost Database 

Used

Repair Action Line 
Number in Cost 

Database

Description of Repair 
Action in Cost 

Database
Unit Cost 

($/Unit)

(1) (2) (3) (4) (5) (6) (7)

DS 1 : Light 
Cracking

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair, Epoxy 
injection L.F. $22.00

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Concrete spall repair 
- Shoring

Means Concrete 
and Masonry Cost 

Data (2003)
03150-600-1000 Shores, Horizontal 

members Each $13.15

Concrete spall repair 
- Removal of loose 

material

Means Concrete 
and Masonry Cost 

Data (2003)
02225-320-1000

Selective demolition, 
Cutout demolition, 

Elevated slab
C.F. $39.00

Concrete spall repair 
- Saw cutting

Means Concrete 
and Masonry Cost 

Data (2003)
02225-760-0400

Selective demolition, 
Saw cutting, Concrete 

slabs
L.F. $5.73

Rebar Replacement
Means Concrete 

and Masonry Cost 
Data (2003)

03210-700-1220 Splicing reinforcing 
bars, Slabs Each $75.50

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair; epoxy 
injection L.F. $22.00

Concrete spall repair 
- Patching

Means Concrete 
and Masonry Cost 

Data (2003)
03920-600-2150 Patching concrete S.F. $14.20

DS 2 : 
Severe 

Cracking

DS 3 : 
Punching 

Shear 
Failure

 
 

Table 5.6. Statistical parameters for loss functions developed for the first three damage states in slab-
column connections. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Light Cracking 0.1 0.065 0.65 -2.48 0.59

DS 2 : Severe Cracking 0.4 0.280 0.70 -1.12 0.63

DS 3 : Punching Shear Failure 1.0 0.750 0.75 -0.22 0.67  

ij DSLLn | μ
ij DSLLn | σ
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P(Lj ≤ l |DS) 
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Fig. 5.2. Loss functions developed for the first three damage states in slab-column connections. 

Table 5.7. Unit costs for repair actions required for each damage state in reinforce concrete columns. 

Damage 
State Repair action Cost Database 

Used

Repair Action Line 
Number in Cost 

Database

Description of Repair 
Action in Cost 

Database
Unit Cost 

($/Unit)

(1) (2) (3) (4) (5) (6) (7)

DS 1 : Light 
Cracking

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair, Epoxy 
injection L.F. $22.00

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Concrete spall repair 
- Shoring

Means Concrete 
and Masonry Cost 

Data (2003)
03150-600-1000 Shores, Vertical 

members Each $14.35

Concrete spall repair 
- Removal of loose 

material

Means Concrete 
and Masonry Cost 

Data (2003)
02225-390-1320

Selective demolition, 
Framing demolition, 

Columns
L.F. $17.50

Concrete spall repair 
- Saw cutting

Means Concrete 
and Masonry Cost 

Data (2003)
02225-760-0800

Selective demolition, 
Saw cutting, Concrete 

walls
L.F. $48.70

Rebar Replacement
Means Concrete 

and Masonry Cost 
Data (2003)

03210-700-1220 Splicing reinforcing 
bars, Columns Each $75.50

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair; epoxy 
injection L.F. $22.00

Concrete spall repair 
- Patching

Means Concrete 
and Masonry Cost 

Data (2003)
03920-600-2150 Patching concrete S.F. $14.20

DS 2 : 
Severe 

Cracking

DS 3 : Shear 
Failure
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Table 5.8. Statistical parameters for loss functions developed for the first three damage states in reinforced 
concrete columns. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Light Cracking 0.1 0.065 0.65 -2.48 0.59

DS 2 : Severe Cracking 0.5 0.350 0.70 -0.89 0.63

DS 3 : Shear Failure 2.0 1.500 0.75 0.47 0.67  

P(Lj ≤ l |DS) 
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Fig. 5.3. Loss functions developed for the first three damage states in reinforced concrete columns. 

 
required in each damage state, Eq. (5.6). Information corresponding to the cost of repair actions 

corresponding to each damage state in the slab-column connection, reinforced concrete columns 

and beam-column connections is presented in Tables 5.5, 5.7 and 5.9, respectively. In each table, 

a brief description for each repair action is presented in column 2, together in column 3 with the 

cost database used to estimate the cost of repair actions. Costs presented in column 7 of Tables 

5.5, 5.7 and 5.9 are unit costs and the units are given in column 6 of the tables. In column 6, 

entitled unit, S.F. stands for square foot, C.F. stands for cubic foot, and L.F. stands for linear 

foot. Information in Tables 5.5, 5.7 and 5.9 are used together with cost of new components for 

structural components, Table 5.3, to estimate normalized expected loss at different damage states 

for structural components. 

ij DSLLn | μ
ij DSLLn | σ
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Statistical parameters estimated for loss functions of structural components at different 

damage states are shown in Tables 5.6, 5.8 and 5.10. The coefficient of variation of the 

component loss at each damage state, which is estimated as the ratio of the standard deviation of 

the component loss at each damage state normalized by the expected component loss at that 

damage state, is also shown in column 4 of Tables 5.6, 5.8 and 5.10. Figs. 5.2, 5.3 and 5.4 show a 

graphical presentation of loss functions for slab-column connections, reinforced concrete 

columns and beam-column connections using Eq. (5.3) and parameters presented in Tables 5.6, 

5.8 and 5.10, respectively. 

As shown in Tables 5.5-5.10 and also Figs. 5.2-5.4, loss functions were not estimated for last 

damage state in structural components, loss of vertical carrying capacity. This is mainly because, 

in this study, it was assumed that once the loss of vertical carrying capacity is experienced by any  
 

Table 5.9. Unit costs for repair actions required for each damage state in reinforced concrete beam-column 
connections. 

Damage 
State Repair action Cost Database 

Used

Repair Action Line 
Number in Cost 

Database

Description of Repair 
Action in Cost 

Database
Unit Cost 

($/Unit)

(1) (2) (3) (4) (5) (6) (7)

Epoxy crack injection Ron L. Bishop 
Associates, Inc.

Crack repair, Epoxy 
injection L.F. $19.00

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair, Epoxy 
injection L.F. $22.00

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Epoxy crack injection Ron L. Bishop 
Associates, Inc.

Crack repair, Epoxy 
injection L.F. $25.00

Surface coating 
Means Concrete 

and Masonry Cost 
Data (2003)

03920-600-0100 Patching concrete S.F. $2.18

Concrete spall repair 
- Shoring

Means Concrete 
and Masonry Cost 

Data (2003)
03150-600-1000 Shores, Vertical 

members Each $14.35

Concrete spall repair 
- Removal of loose 

material

Means Concrete 
and Masonry Cost 

Data (2003)
02225-390-1320

Selective demolition, 
Framing demolition, 

Columns
L.F. $17.50

Concrete spall repair 
- Saw cutting

Means Concrete 
and Masonry Cost 

Data (2003)
02225-760-0800

Selective demolition, 
Saw cutting, Concrete 

walls
L.F. $48.70

Rebar Replacement
Means Concrete 

and Masonry Cost 
Data (2003)

03210-700-1220 Splicing reinforcing 
bars, Columns Each $75.50

Epoxy crack injection 
Means Concrete 

and Masonry Cost 
Data (2003)

03930-300-0100 Crack repair; epoxy 
injection L.F. $25.00*

Concrete spall repair 
- Patching

Means Concrete 
and Masonry Cost 

Data (2003)
03920-600-2150 Patching concrete S.F. $14.20

DS 2 : 
Severe 

Cracking in 
the Column

DS 4 : Joint 
Spalling

DS 1 : 
Severe 

Cracking in 
the Beam

DS 3 : 
Severe 

Cracking in 
the Joint
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Table 5.10. Statistical parameters for loss functions developed for the first three damage states in 

reinforced concrete beam-column connections. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Severe Cracking in the 
Beam

0.1 0.065 0.65 -2.48 0.59

DS 2 : Severe Cracking in the 
Column

0.3 0.163 0.65 -1.56 0.59

DS 3 : Severe Cracking in the 
Joint

0.4 0.280 0.70 -1.12 0.63

DS 4 :Joint Spalling 1.0 0.750 0.75 -0.22 0.67
 

 

structural component at least a local collapse occurs and the building needs to be replaced. 

Therefore, it is not required to develop loss functions for this last damage state of structural 

components. The reader is referred to Section 6.2.4 of Chapter 6 for a more detail discussion on 

this assumption. 
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Fig. 5.4. Loss functions developed for the first four damage states in beam-column connections. 

5.6 Summary of Loss Functions for Non-structural Components 

An approach similar to what used to develop loss functions for different damage states of 

structural components was used to develop loss functions for different damage states of 

nonstructural components using Eq. (5.3). Tables 5.11, 5.12 and 5.13 provide information for 

ij DSLLn | μ
ij DSLLn | σ
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statistical parameters required to develop loss function for drift-sensitive nonstructural 

components, namely, partitions, windows and generic drift-sensitive components. More 

information on the estimation of the expected values of loss functions for nonstructural 

components can be found in Taghavi and Miranda (2003). Information on the expected values for 

generic drift-sensitive nonstructural components were estimated from HAZUS (NIBS, 1999). A 

graphical presentation of loss functions for drift-sensitive nonstructural components are shown in 

Fig. 5.5.  

Tables 5.14 and 5.15 provide information on statistical parameters to develop loss functions 

for different damage states of two acceleration-sensitive nonstructural components; namely 

suspended ceilings and generic acceleration-sensitive components, using Eq. (5.3). More 

information on the estimation of the expected value of the loss functions for suspended ceilings 

can be found in Taghavi and Miranda (2003). Furthermore, information on the expected losses at 

different damage states in generic acceleration-sensitive components were extracted from NIBS 

(1999). A graphical presentation of loss functions for the two nonstructural acceleration-sensitive 

components are also shown in Fig. 5.6. 
 

Table 5.11. Statistical parameters for loss functions developed for the three damage states in gypsum-board 
partitions. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Visible damage and small 
cracks in gypsum board

0.1 0.090 0.75 -2.34 0.67

DS 2 : Extensive crack in 
gypsum board 

0.6 0.450 0.75 -0.73 0.67

DS 3 : Damage to panel and 
also frame 

1.2 0.900 0.75 -0.04 0.67
 

 
 

Table 5.12. Statistical parameters for loss functions developed for the three damage states in windows. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Some minor damages 
around the frame

0.1 0.096 0.80 -2.37 0.70

DS 2 : Occurrence of cracking 
at glass panel without any fall-
out of the glass

0.6 0.480 0.80 -0.76 0.70

DS 3 : Part of glass panel falls 
out of the frame

1.2 0.960 0.80 -0.07 0.70
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ij DSLLn | σ
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Table 5.13. Statistical parameters for loss functions developed for the four damage states in generic drift-
sensitive components. 

Damage State E [ L j  | DS i ] σ[ L j  |DS i ] c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Slight damage 0.025 0.018 0.70 -3.89 0.63

DS 2 : Moderate damage 0.1 0.084 0.70 -2.32 0.63
DS 3 : Extensive damage 0.6 0.420 0.70 -0.71 0.63
DS 4 : Complete damage 1.2 0.840 0.70 -0.02 0.63  
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Fig. 5.5. Loss functions developed for damage states in drift-sensitive nonstructural components: (a) 

gypsum-board partitions, (b) windows, (c) generic drift-sensitive components. 
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Table 5.14. Statistical parameters for loss functions developed for the three damage states in suspended 
ceilings. 

Damage State E [ L j  | DS i ] (g) σ[ L j  |DS i ] (g) c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Hanging wires are 
splayed and a few panels fall 
down

0.12 0.084 0.70 -2.32 0.63

DS 2 : Damage to some of main 
runners and cross tee bars in 
addition to hanging wires

0.36 0.252 0.70 -1.22 0.63

DS 3 : Ceiling grid tilts 
downward (near collapse)

1.20 0.840 0.70 -0.02 0.63
 

 
Table 5.15. Statistical parameters for loss functions developed for the four damage states in generic 

acceleration-sensitive components. 

Damage State E [ L j  | DS i ] (g) σ[ L j  |DS i ] (g) c.o.v [ L j  | DS i ]
(1) (2) (3) (4) (5) (6)

DS 1 : Slight damage 0.02 0.017 0.70 -3.93 0.63

DS 2 : Moderate damage 0.12 0.084 0.70 -2.32 0.63
DS 3 : Extensive damage 0.36 0.252 0.70 -1.22 0.63
DS 4 : Complete damage 1.20 0.840 0.70 -0.02 0.63  
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Fig. 5.6. Loss functions developed for damage states in acceleration-sensitive nonstructural components: 

(a) suspended ceilings, (b) generic acceleration-sensitive components. 
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C h a p t e r  6  

LOSS ESTIMATION METHODOLOGY 
AND APPLICATIONS 

6.1 Introduction 

In this study, a fully probabilistic methodology is implemented to estimate economic losses 

in a building. The proposed approach explicitly incorporates the following sources of 

uncertainties: (1) uncertainty in the seismic hazard at the site; (2) uncertainty in the structural 

response; (3) uncertainty on the fragility of individual structural and non-structural components; 

and (4) uncertainty on the costs associated with the repairs or replacement of individual building 

components. The methodology is based on the Pacific Earthquake Engineering Research (PEER) 

Center probabilistic framework and has been developed to estimate two probabilistic measures of 

economic losses in buildings, namely the annualized expected loss and the mean annual 

frequency of exceedance of a certain loss. The first economic loss measure, the annualized 

expected loss, corresponds to the economic loss that, on average, occurs every year in the 

building. The expected annual loss provides quantitative information to assist stakeholders in 

making risk management decisions. In particular, owners, lending institutions, insurers, and other 

stakeholders can use expected annual loss to compare, for example, annual revenues versus 

expected annual losses. Similarly, they can compare annual earthquake insurance premiums to 

annual expected losses. The second measure of economic loss discussed here is the mean annual 

frequency of exceeding an economic loss greater than a certain amount, which provides 

information on the likelihood of experiencing an economic loss larger than a certain amount. For 

example, the probability of loosing more than one million dollars as a result of the occurrence of 

an earthquake. This second measure of economic loss also provides information on the economic 
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losses associated with particular probabilities of being exceeded, for example the total dollar loss 

that has 2% probability of being exceeded in 50 years. 

6.2 Expected (Average) Economic Losses 

6.2.1 Formulation 

The present value of expected loss in a building, E[LT], over a time period t can be computed 

as a function of the level of ground motion intensity as follows 

[ ] [ ] ( ) τνλτ dIMdIMLEeLE
t

TT   |
  

0  

  

0  ∫ ∫
∞

−=           (6.1) 

where te λ−  is the discounted factor of the loss over time t (Rosenblueth, 1976; Wen et al., 

2001), λ is the discount rate per year, E [ LT | IM ] is the expected loss in the building conditioned 

on a ground motion intensity, IM, and ν(IM) is the mean annual rate of exceedance of a ground 

motion intensity IM. The time period t in Eq. (6.1) can correspond to the design life of the 

structure, the remaining life of an existing structure or another reference time period. For 

purposes of setting design actions in building codes or for setting insurance premiums long time 

periods are usually assumed (Rosenblueth, 1976) and the effect of the finite life span of the 

facility becomes negligible. The advantage of incorporating for the effects of discounted factor is 

that it brings the cash flow of the building expected annual loss to an equivalent value at the 

present time which makes it comparable to the present value of cash flows that correspond to 

different risk mitigation alternatives such as buying earthquake insurance for the building. It 

should be noted that in Eq. (6.1) it is assumed that loss is being discounted continuously, other 

assumptions on discounting the losses such as assuming a yearly discounting leads to a 

summation over the time period t instead of the integral. 

Since in Eq. (6.1) only the discounted factor, λτ−e , is a function of time, it can be simplified 

as follows 

[ ] ( ) [ ] ( )∫
∞−−

=
0

|1 IMdIMLEeLE T

t

T ν
λ

λ

       (6.2) 

Choosing a discount rate, λ, to be used in Eqs. (6.1) and (6.2) is similar to choosing the 

discount rate in cost-benefit analyses (Wen et al. 2001). Different approaches suggest average 

discount rates in the range of 3 to 6%. FEMA 227 (1992) suggests a discount rate of 3 to 4% for 

public sector considerations and 4 to 6% for private sector considerations. 
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The expected loss in a building conditioned on ground motion intensity IM, E[LT | IM], can 

be computed by conditioning it on two mutually exclusive and collectively exhaustive events that 

can be experienced by the building, namely collapse (C) and non-collapse (NC) of the building, 

as follows 

[ ] [ ] ( ) [ ] ( )IMCPCLEIMNCPIMNCLEIMLE TTT |||,|| +=         (6.3) 

where E[LT | NC,IM] is the expected loss in the building provided that collapse has not occurred 

for ground motions with an intensity level of IM, E[LT | C] is the expected loss in the building 

when collapse has occurred in the building, P(NC|IM) is the probability that the structure will not 

collapse conditioned on the occurrence of an earthquake with ground motion intensity, IM, and 

P(C|IM) is the probability that the structure will collapse conditioned on IM, which is 

complementary to P(NC|IM), that is P(NC|IM) = 1-P(C|IM). 

As can be understood from Eq. (6.3), in order to estimate the expected loss of the building as 

a function of ground motion intensity, E [ LT | IM], it is required to estimate expected loss of the 

building for collapse and non-collapse cases together with the probability of occurrence of 

building collapse. A procedure to estimate each of these three probability parameters is presented 

in the following sections. Furthermore, the procedure for estimating each term in Eq. (6.3) has 

been illustrated by applying it to the case study building. 

6.2.2 Expected losses for the non-collapse case 

The expected total loss in the building provided that collapse does not occur at a ground 

motion intensity IM=im, E[LT | NC,IM], is computed as the sum of the losses in individual 

components of the building as follows 
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where [ ]|NC,IMLE j  is the expected normalized loss in the jth component given that global 

collapse has not occurred at the intensity level IM, aj is the cost of a new jth component, and Lj is 

the normalized loss in the jth component defined as the cost of repair or cost to replace the 

component normalized by aj. Some examples on aj values for various structural and non-

structural components in the case study building have been presented in chapter 5, Tables 5.3 and 

5.4. 



Chapter 6  Loss estimation methodology and applications 158

The expected loss in an individual component when collapse has not occurred, 

[ ]im|NC,IMLE j =  can be computed using the total probability theorem as follows 

[ ] [ ] ( )∫
∞

>=
0

 ,|   NC,|| IMNCedpEDPdPEDPLENC,IMLE jjjjj
         (6.5) 

where [ ]jj EDPNCLE ,|  is the expected loss in jth component when it is subjected to an 

engineering demand parameter, EDPj, ( )IMNCedpEDPP jj ,|>  is the probability of exceeding 

edpj, in component j given that collapse has not occurred in the building and the level of ground 

motion intensity is IM. The procedure to estimate ( )IMNCedpEDPP jj ,|>  was discussed in 

chapter 3. Further detail on the estimation of this conditional probability and probabilistic 

seismic response analysis, can be found in Aslani and Miranda (2005a), and Miranda and Aslani 

(2003a).  

The expected loss in component j conditioned on EDP, [ ]jj EDPNCLE ,| can be computed as 

a function of the cost of repairing the component when it is in different damage states and the 

probability of being in each damage state as follows 

[ ] [ ] ( )∑
=

==
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jiijjj EDPNCdsDSPDSNCLEEDPNCLE
1

,|,|,|             (6.6) 

where m is the number of damage states in the jth component, [ ]ij DSNCLE ,| is the expected 

value of the normalized loss in component j when it is in damage state i , DSi, and 

( )ji EDPNCdsDSP ,|=  is the probability of the jth component being in damage state i, ids , given 

that it is subjected to a demand of EDPj. The probability of being in each damage state for 

component j can be obtained from Eq. (4.8) using component-specific fragility functions 

explained and presented in chapter 4. The reader is referred to Aslani and Miranda (2005b) and 

Miranda and Aslani (2003b) for further details on the development of component-specific 

fragility functions. 

It should be noted that in Eq. (6.6) the number of damage states, m, does not include the Loss 

of Vertical Carrying Capacity (LVCC) damage state for components that are capable of 

experiencing this damage state, namely structural components. This is because in this study it is 

assumed that once an individual component has experienced the loss of vertical carrying 

capacity, a local or global collapse mode has occurred in the structure that triggers the need to 

replace the building. This assumption is further discussed in the following section. 
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Figure 6.1 presents the expected loss in columns located at three stories of the case study 

building as a function of the level of interstory drift ratio, IDR, which is the selected engineering 

demand parameter, EDP, for the case of structural components, using Eq. (6.6). Different types 

of exterior columns shown in this figure were introduced earlier in Fig. 4.24. As can be seen in 

the figure, the expected loss in these columns increases as the level of drift increases in the 

component. Furthermore, the expected loss of these columns conditioned on drift varies at 

different stories of the building and for various types of column in a story. This variation is 

caused by variations in the following column properties:  

 The level of axial force in the column: corner columns, exterior columns and interior 

columns carry different levels of axial load 
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Fig. 6.1. Variations of the expected loss of the columns of the case study building at 1st, 4th and 7th stories 

as a function of the level of engineering demand parameter, EDP; (a) 1st story, (b) 4th story, (c) 7thstory. 
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Fig. 6.2. Variations of the expected loss of the slab-column and beam-column connections of the case 

study building at 2nd, typical (3rd -7th) and roof floors as a function of the level of interstory drift ratio, IDR. 
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 Column geometry: exterior columns have different cross sections than interior 

columns 

 The amount of transverse reinforcement 

Very useful information can be extracted from component expected loss conditioned on drift 

graphs, Fig. 6.1. For example, as can be seen in Fig. 6.1b at 2% interstory drift ratio in  the fourth 

story, the expected loss in a type 3 exterior column is approximately 1.5 times the cost of a new 

column whereas the expected loss in an interior column in that same story is approximately 1.35 

times the cost of a new column. Therefore, it can be concluded that the average expected loss at 

the component level is higher for the exterior columns located at the 4th story than the interior 

columns located at the 4th story. 

Figure 6.2 shows the variations in the expected loss of other structural components, namely 

slab-column connections and beam-column connections located at different stories of the case 

study as a function of the interstory drift ratio, which have been computed using Eq. (6.6). As 

shown in this figure, the variations of the expected loss as a function of  drift is very different 

from the variations of expected loss observed for reinforced concrete columns. This is mainly 

because the levels of drift at which various damage states can be experienced by slab-column 

connections or beam-column connections are very different from those of columns. This is a very 

important observation since it leads to the conclusion that the expected loss in a component as a 

function of the level of deformation in the component cannot be simplified with an “S” curve. 

For example, for the case study building although “S” curves are coincidentally capable of 

providing a relatively well fit to the expected loss in columns, shown in Fig. 6.1, they are not 

good fits to expected loss curves for slab-column connections or for beam-column connections 

shown in Fig. 6.2. 

Figure 6.3 presents variations of the expected loss in non-structural components as a function 

of the level of engineering demand parameters in the case study building using Eq. (6.6). Non-

structural components are categorized into drift-sensitive and acceleration-sensitive components. 

For drift-sensitive non-structural components the selected demand parameter is interstory drift 

ratio. For acceleration-sensitive components the selected demand parameter is peak floor 

acceleration, PFA. Four categories of drift-sensitive and two categories of acceleration-sensitive 

components were defined for the case study building which were explained earlier in chapter 5.  

Comparing the expected losses estimated for non-structural components, Fig. 6.3, to those 

computed for structural components, Figs. 6.1 and 6.2, shows that on average the level of drift at 

which non-structural components get damaged is significantly smaller than the level of drift at 

which structural components get damaged. Therefore, in earthquakes that impose small levels  of  
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Fig. 6.3. Variations of the expected loss of various (a) drift-sensitive and (b) acceleration-sensitive 

components of the case study building as a function of the level of engineering demand parameter, EDP. 

deformation to the components of a building one should typically expect more damage to non-

structural elements than to structural elements. 

Once the expected loss in components are computed as a function of the level of deformation 

in the component, Eq. (6.5) can be used to obtain the component expected loss conditioned on 

the level of ground motion intensity, IM. In this study, the elastic displacement spectral ordinates, 

Sd, evaluated at the first period of vibration of the structural model of the building is selected as a 

measure of ground motion intensity. 

Fig. 6.4. shows the variations in the expected loss of structural, drift-sensitive nonstructural 

and acceleration-sensitive nonstructural components located in the first story of the case study 

with changes in the level of ground motion intensity. As can be seen in the figure, for the case of 

structural components, on average exterior columns are more vulnerable compared to other 

structural components located in the first story, since, for a given IM, normalized expected loss in 

columns are significantly higher than those of other structural components.  

Although all structural components are drift-sensitive, there are important differences in the 

interstory drift ratio (IDR) used to estimate losses in columns with the IDR used to estimate 

losses in slab-column connections and beam-column connections, and with the peak IDR 

computed from the results of nonlinear response history analyses. This difference should be 

taken into account when using Eq. (6.5) to estimate losses in structural components. The IDR’s 

used to estimate losses in columns correspond to the amount of lateral drift demand that  is  being  

(b) (a) 
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Fig. 6.4. Variations in the expected loss of structural and non-structural components located in the          

1st story/2nd floor of the case study building as a function of the level of the elastic spectral displacement, Sd. 

translated into columns. As explained in chapter 4, part of the IDR demand computed from the 

results of nonlinear response history analyses will be translated into beams. The portion of the 

peak IDR demand that will be translated into columns is mainly a function of the following:  

 the relative lateral rigidity of the columns with respect to the beams attached to them: 

exterior columns are attached to spandrel beams and interior columns are attached to 

slabs that are significantly less rigid than spandrel beams 

(a) 

(b) (c) 
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 location of the columns: columns in the first story have different dimensions compared to 

columns in other stories; type of the columns: exterior columns have different sections 

compared to interior columns 

 the level of lateral deformation: at small levels of lateral deformation exterior columns, 

spandrel beams, interior columns and slabs remain elastic.  

As the level of lateral deformation increases, exterior columns in exterior frames, and slabs 

in interior frame will experience severe cracking which causes a significant decreases in the 

lateral rigidity of these components, which leads to a significant increase in the amount of lateral 

drift demand being translated into exterior columns in exterior frames and the amount of lateral 

drift being translated into slabs in interior frames of the building. A detail explanation on the 

level of drift being translated into columns and the proposed approach for an approximate 

estimation of the level of lateral drift demand being translated into columns is presented in 

section 4.2.2.4.  

The interstory drift ratios used to estimate losses in slab-column connections and beam-

column connections correspond to a combination of the IDR’s computed at two consecutive 

stories. This is mainly because slab-column connections and beam-column connections are 

located at the floor levels and not within the stories. For example, slab-column connections are 

located at the roofs of first to seventh stories (second to roof floor levels) and therefore, the 

observed damage in the connections is not just a function of IDR computed in a single story but a 

function of the IDR’s computed in the stories that are immediately below and above each floor 

level. Consequently, it is required to estimate an IDR that varies as a function of interstory drift 

ratios estimated at two consecutive stories. 

Different assumptions can be made on estimating an interstory drift ratio that combines 

IDR’s estimated at two consecutive stories. In this study, it is assumed that the geometric mean 

of the IDR’s computed in the stories above and below a floor level is the IDR that can be used to 

estimate losses in slab-column connections and beam-column connections that are located in that 

floor level as a function of the ground motion intensity when using Eq. (6.5). In other words, the 

interstory drift ratio used for a connection located in the ith floor, IDRifloor, can be computed as 

follows 

istoryistoryifloor IDRIDRIDR 1−=                (6.7) 

where IDRistory-1 corresponds to the peak interstory drift ratio computed in the story immediately 

bellow the ith floor and IDRistory corresponds to the peak interstory drift ratio computed in the 
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story immediately above the ith floor. For structural components located at the roof floor the 

corresponding IDR is assumed to be equal to the IDR computed in the seventh story. 

As shown in chapter 3, interstory drift ratio at each story can be assumed to be lognormally 

distributed, therefore, the IDR estimated from Eq. (6.7) will also be lognormal since it can be 

shown mathematically that the multiplication of two lognormally distributed random variables is 

also lognormal with a logarithmic mean and logarithmic standard deviation as follows 

( )
2

  
 

1 istoryistory
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where 
ifloorIDRLn μ is the logarithmic mean of the interstory drift ratio used for structural 

components located in the ith floor, 
1 −istoryIDRLnμ  and 

istoryIDRLn μ are logarithmic means of the IDR’s 

computed in the stories immediately bellow and above the ith floor, respectively, 
ifloorIDRLn σ  is 

the logarithmic standard deviation of the IDRifloor , 
1 −istoryIDRLnσ  and 

istoryIDRLn σ  are logarithmic 

standard deviations of the IDR’s computed in the stories immediately bellow and above the ith 

floor, and 
istoryistory IDRLnIDRLn  , 1−

ρ  is the correlation coefficient between natural logarithm of the 

IDR’s estimated in the two consecutive stories.  

For the case of drift-sensitive non-structural components, Fig. 6.4b, the “DS3 partition-like” 

group which corresponds to components that are required to be replaced when the second 

damage state occurs in partitions on average has a higher expected loss compared to other drift-

sensitive nonstructural components. However, it should be noted that at small levels of ground 

motion intensity, Sd < 8 cm (Sd < 3.2 in), the average loss in partitions is larger than that of DS3 

partition-like group. This is due to the fact that losses in partitions are triggered as soon as the 

first damage state occurs, which occurs at very small levels of drift, while, for the DS3 partition-

like group losses are produced only when the second damage state occurs in partitions.  

Figures 6.5 and 6.6 present expected loss for various structural and nonstructural components 

located in the 4th and 7th stories of the case study building. An important observation can be made 

by comparing the expected values of the losses corresponding to structural and drift-sensitive 

nonstructural components in the 4th story to the losses of structural and drift-sensitive 

nonstructural components in the 7th story. It can be seen that at a given ground motion intensity, 

the expected losses corresponding to  the  components  located  in  the  7th story  are  significantly  
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Fig. 6.5. Variations in the expected loss of structural and non-structural components located in the          

4th story/ 5th floor of the case study building as a function of the level of ground motion intensity, IM. 

smaller than the expected losses corresponding to the components located in the 4th story. This is 

mainly because the last two stories of the building, 6th and 7th stories, undergo a significantly 

smaller levels of interstory drift ratio at a given ground motion intensity compared to other 

stories of the case study building as can be seen in Fig. 3.7a. For acceleration-sensitive 

components, however, as can be seen in Figs. 6.5c and 6.6c, only at large levels of intensity, Sd > 

40 cm (Sd > 16 in), the expected losses estimated at the roof of the 4th story (5th floor) are larger 

than the expected losses of the components located at the roof of the 7th story (roof floor). At  

(a) 

(b) (c) 
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Fig. 6.6. Variations in the expected loss of structural and non-structural components located in the          

7th story/ Roof of the case study building as a function of the level of ground motion intensity, IM. 

small levels of intensity, Sd < 40 cm (Sd < 16 in), acceleration-sensitive components located in 5th 

floor roughly experience the same level of expected loss as acceleration-sensitive components 

located in roof floor, since they undergo almost the same level of peak floor acceleration at small 

levels of intensity (Fig. 3.7b). 

Once the non-collapse expected losses in individual components has been computed as a 

function of the ground motion intensity using Eq. (6.5), Eq. (6.4) can be used to estimate building 

expected loss as a function of the ground motion intensity when collapse has not occurred in the 

(b) 

(c) 

(a) 
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building. As indicated in Eq. (6.4), in addition to the component expected losses the cost of new 

component, aj, is also required for each component. For the case study building these values have 

been extracted from Tables 5.3 and 5.4. 

Fig. 6.7 presents the variation of non-collapse expected losses in the case study building with 

increasing levels of ground motion intensity, IM. As can be seen in the figure economic losses 

start at relatively small ground motion intensities, Sd ≈  6 cm, (Sd ≈ 2.5 in) spectral displacement. 

This level of ground motion intensity is larger than the levels of ground motion intensity 

corresponding to 1987 Whittier, 1992 Big Bear and 1992 Landers earthquakes that has been 

recorded in the case study building and that did not cause any structural or nonstructural damage 

in the building. The levels of ground motion intensities corresponding to Whittier, Big Bear and 

Landers earthquakes were Sd = 1.9 cm, Sd = 1.3 cm and Sd = 2.2 cm, respectively, which are all 

smaller than 6 cm which is the ground motion intensity that corresponds to the initiation of 

expected losses in the case study building as can be seen in Fig. 6.7. The non-collapse expected 

loss increases with the increase in the ground motion intensity, and begins to saturate at large 

levels of intensity, Sd > 80 cm, (Sd > 32 in). The saturation of the expected loss occurs because of 

the saturation of losses at the component level which is caused by the fact that components are in 

their last damage state.  
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Fig. 6.7. Expected loss of the case study building at different levels of ground motion intensity, IM, when 

collapse has not occurred in the building. 
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6.2.3 Expected losses for the collapse case 

If global collapse has occurred in the building, the expected loss of the building, E[LT|C] can 

be estimated on the basis of the cost of replacement for the whole building. This value is larger 

than the cost of a new building since the cost of demolishing the old building and designing a 

new building should be added to the original cost. It should be noted that the cost of replacement 

of a building, , E[LT|C] ,can be significantly different from its market value (Kircher et al., 1997). 

For the case of existing buildings the expected loss of the building when collapse has 

occurred in the building can be obtained from the total construction cost of the original building 

plus additional cost for demolishing the collapsed building and cost associated with redesign of a 

new building. For the case study building the original construction cost of the building is $ 1.3 M 

in 1966 dollars which is equivalent to $ 8.5 M in 2003 dollars. This value is increased by 8% to 

account for cost of demolishing and architectural fees. Fig. 6.8 presents the expected loss in the 

case study building when collapse has occurred.  
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Fig. 6.8. Expected loss of the case study building when collapse has occurred in the building. 

6.2.4 Probability of collapse as a function of ground motion intensity 

To estimate the total expected loss in a building as a function of the ground motion intensity, 

E[LT|IM], using Eq. (6.3), it is required to estimate the probability of collapse in a building as a 

function of the ground motion intensity, P(C | IM). Two different approaches were used to 

estimate the probability of collapse. In one approach collapse was estimated by the occurrence of 
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lateral displacements that lead to a dynamic instability in the structure, which is referred here to 

as sidesway collapse. This estimate of the probability of collapse was obtained from a set of non-

linear response history analyses of a two-dimensional model of the case study building 

performed by Krawinkler and Zareian (PEER, 2005) which takes into account the stiffness and 

strength degradation of the hinges. The dots shown in Fig. 6.9 are cumulative probabilities of 

collapse of the building in sidesway mode computed by counting sorted ground motion 

intensities in which collapse was computed to occur in the building when subjected to 17 

earthquake ground motions. It can be assumed that the probability of sidesway collapse 

conditioned on the ground motion intensity, P(Csw | IM), follows a cumulative lognormal 

distribution as follows 
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Fig. 6.9. Estimation of the probability of sidesway collapse as a function of the ground motion intensity, 

IM. (modified from Krawinkler and Zareian, (PEER, 2005)) 
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where Φ is the standard cumulative normal distribution, ( )dSLn  is the logarithmic mean of the 

spectral displacement corresponding to the sidesway collapse of the building, and 
dSLnσ  is the 

logarithmic standard deviation of the spectral displacement. Also shown in Fig. 6.9 is the 

cumulative lognormal probability distribution fitted to the data points. For the case study 

building the median spectral displacement for the fitted lognormal distribution is 25 cm (10 in) 

and the logarithmic standard deviation of the spectral displacement is 0.41. 
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In the second approach it was assumed that the structure could collapse even if the lateral 

displacements were not large enough to cause a sidesway collapse but enough to cause damage 

states that could trigger the Loss of Vertical Carrying Capacity, LVCC, in structural members. 

This second type of collapse triggering mechanism is particularly important in the case of non-

ductile structures such as the case for the case study building. In order to get an estimate of the 

probability of collapse caused by the loss of vertical carrying capacity of structural components, 

it was first assumed that structural components in the building form a “weakest link” system 

(series system) in which attainment of any one structural element LVCC constitutes failure of the 

structure in LVCC mode(Melchers, 1999). In the next step, it was assumed that failure of 

structural components in LVVC mode in the building is fully dependent on each other.  

On the basis of the above assumptions, it can be shown that the probability of collapse due to 

loss of vertical carrying capacity (LVCC) when sidesway collapse has not occurred in the 

building, P(CLVCC|NCsw,IM), is equal to the largest probability of any individual structural 

element that can lose its vertical carrying capacity which mathematically can be computed as 

( ) ( )[ ]IMLVCCDSPIMNCCP jjswLVCC |max,| ==
∀

        (6.11) 

where ( )IMLVCCDSP j |=  is the probability of experiencing the loss of vertical carrying 

capacity damage state in the jth component conditioned on the ground motion intensity, IM, and 

is computed as 

( ) ( ) ( )IMedpEDPdPEDPLVCCDSPIMLVCCDSP jjjjj | ||
0

>=== ∫
∞

   (6.12) 

where ( )jj EDPLVCCDSP |=  is the probability of the jth component losing its vertical carrying 

capacity given that it is subjected to a deformation level EDPj. This probability can be computed 

using Eq. (4.8) and component-specific fragility functions developed and explained in chapter 4. 

( )IMedpEDPP jj |>  is the probability of the deformation in the jth component exceeding a certain 

level of edpj conditioned on IM, which can be estimated using the approach discussed in    

chapter 3. 

It should be noted that assuming that failure of structural components are fully dependent on 

each other which leads to Eq. (6.12) for estimating the probability of system collapse caused by 

LVCC is an unconservative assumptions. A conservative estimate of the probability of LVCC 

collapse in the building would be to assume that column failures are independent, which leads to 

a probability of system collapse caused by LVCC equal to the sum of probability of experiencing 
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LVCC in all structural components. The effects of making this new assumption on estimating the 

probability of system collapse is currently under investigation. 

Gray lines in Fig. 6.10 show the probability of losing the vertical carrying capacity in all 

structural components located at different stories of the case study building as a function of the 

ground motion intensity, computed with Eq. (6.12). Dots shown in Fig. 6.10 presents the 

envelops for these curves which is a graphic representation of Eq. (6.11) and an estimate for the 

probability of experiencing loss of vertical carrying capacity in the case study building. Fig. 6.11 

shows a lognormal cumulative distribution fitted to the probability of loss of vertical carrying 

capacity in the case study building estimated from Eq. (6.11). The median spectral displacement 

is 32=dS  cm (12.8 in) and the logarithmic standard deviation is 59.0ln =
dSσ .  

P(C|IM) 

0.0

0.2

0.4

0.6

0.8

1.0

0 20 40 60 80 100

IM [Sd (cm) ]

 LVCC Collapse 

 P(C|IM) for Structural
Components 

 
Fig. 6.10. Estimation of the probability of losing vertical carrying capacity in the building as a function 

of the ground motion intensity, IM. 

In estimating the probability of loss of vertical carrying capacity in the case study building as 

a function of the level of ground motion intensity, using Eq. (6.12), the peak interstory drift 

demands that are translated into columns are essentially different from the level of peak 

interstory drift demands computed from the result of nonlinear response history analyses. This is 

mainly because, as explained earlier, part of the lateral drift demand will be resisted by spandrel 

beams in the exterior frame and by slabs in the interior frames.  

Assuming that the two types of collapse are mutually exclusive the probability of collapse in 

a building can be estimated by using the total probability theorem as follows 
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Fig. 6.11. Fitting cumulative probability distribution function to the probability of collapse computed in 

loss of vertical carrying capacity, LVCC, mode at different levels of ground motion intensity, IM. 

( ) ( ) ( )[ ]IMCPIMNCCPIMCPIMCP SWSWLVCCSW |1,|)|(| −+=    (6.13) 

where P (C|IM) is the probability of collapse conditioned on the ground motion intensity, IM. 

Fig. 6.12 shows the probability of collapse for the case study building, computed using Eq. 

(6.13). The probability of building collapse conditioned on IM shown  in  Fig. 6.12,  predicts  that  
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Fig. 6.12. Probability of collapse of the building at different levels of ground motion intensity, IM, 

computed as a function of sidesway collapse and loss of vertical carrying capacity, LVCC, collapse. 
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the case study building experiences collapse at relatively small levels of ground motion intensity. 

For example, at Sd = 21 cm (Sd = 8.4 in), which is the ground motion intensity corresponding to 

the 1994 Northridge earthquake recorded in the building, the probability of experiencing collapse 

in the building is around 50% as can be seen in Fig. 6.12. This relatively high level of probability 

of collapse has been predicted in the case study building mainly because it is a non-ductile 

building.  

For newer buildings the probability of experiencing collapse is expected to be significantly 

smaller than that computed for this building since they are built according to recent seismic 

provisions and therefore are more ductile. For example, Fig. 6.13a shows the probability of 

experiencing building collapse at different levels of ground motion intensity estimated by 

Haselton and Deierlein for a four-story reinforced concrete moment resisting frame (Deierlein, et 

al. 2005), which is designed according to the International Building Code (IBC) seismic 

provisions (ICC, 2003). Fig. 6.13b compares the probability of experiencing collapse conditioned 

on the level of ground motion intensity, estimated in the code-conforming four-story moment 

frame with the one estimated in the case study seven-story building. As can be seen in the figure, 

the median collapse capacity for the ductile building is around 53 cm elastic spectral 

displacement, Sd = 53 cm (Sd = 20 in), which is 2.5 times larger than the median collapse capacity 

of the case study building which is Sd = 21 cm (Sd = 8.3 in). 
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Fig. 6.13. (a) Fitting lognormal distribution to the collapse results computed from response history 

analyses of a ductile code- conforming building design, (b) Comparison of the probability of collapse 

conditioned on IM, P(C|IM), estimated for the ductile building with the one of the case study building.  

(a) (b) 
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Fig. 6.14. Variations of the expected loss in the case study building as a function of the ground motion 

intensity, IM. 

6.2.5 Expected economic losses in the case study building 

Once the expected loss in a building for collapse and non-collapse cases, and the probability 

of collapse at different levels of ground motion intensity have been computed, the expected loss 

of the building as a function of the level of ground motion intensity can be obtained from Eq. 

(6.3). Fig. 6.14 shows the variations of the expected loss as a function of the elastic displacement 

spectral ordinates, Sd, for the case study building. Information presented in Fig. 6.14 can be used 

together with the seismic hazard curve at the site, Fig. 3.2, to estimate the expected annual loss in 

the building using Eq. (6.2). Fig. 6.15 shows the variations of the expected loss in the case study 

building over different time periods and using different discount rates. Results shown in Fig. 

6.15a can directly be obtained from Eq. (6.2) for different time periods. Results shown in Fig. 

6.15b are computed by normalizing the values from Eq. (6.2) to the time period. For example, for 

a 4% discount rate, the expected loss of the case study building over a 40 year time period is $ 

2.95 M as can be seen in Fig. 6.15a which leads to an expected annual loss of $ 73,800/year as 

can be seen in Fig. 6.15b.  
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Fig. 6.15. Variations of (a) the expected loss and (b) expected annual loss in the case study building at 

different time periods and for various discount rates. 

6.3 Mean Annual Frequency of Exceeding Economic Losses in a 
Building (Building Loss Curve) 

6.3.1 Formulation 

The mean annual frequency of exceeding of a certain level of economic loss lT in a building 

is computed as follows 

( ) ( ) ( ) dIM
dIM

IMdIMlLPlL tTtT   |
  

0  

νν ∫
∞

>=>     (6.14) 

where ( )IMlLP tT |> , is the probability of exceeding a certain level of economic loss, lt, 

conditioned on the ground motion intensity with an intensity, im, and ν (IM) is the mean annual 

frequency of exceedance of a ground motion intensity, IM. 

For values smaller than 0.01 the mean annual frequency of exceedance of a loss lt is 

numerically equal to the annual probability of exceedance of the loss in the building. Hence, Eq. 

(6.14) can be rewritten as 

( ) ( ) ( ) dIM
dIM

IMdIMlLPlLP tTtT   |
  

0  

ν∫
∞

>≈>          (6.15) 

(a) (b) 
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The following two approaches were considered to compute the probability of exceeding a 

certain level of economic loss, lt, for a given ground motion intensity IM, ( )IMlLP tT |> :  

Approach 1: In this approach ( )IMlLP tT |>  was computed using the total probability 

theorem as follows: 

( ) ( ) ( ) ( ) ( )
( ) ( ) ( ) ( )[ ]IMNClLPClLPIMCPIMNClLP

IMCPClLPIMNCPIMNClLPIMlLP

tTtTtT

tTtTtT

,|||,|                         
|||,||

>−>+>=
>+>=>         (6.16) 

where ( )IMNClLP tT ,|>  is the probability of exceeding a certain dollar amount, lt, in the 

building given that collapse has not occurred at the ground motion intensity, IM, ( )ClLP tT |>  is 

the probability of exceeding lt given that global collapse has occurred in the building, 

and ( )IMNCP |  and ( )IMCP |  are the probability of non-collapse and of collapse at a given 

ground motion intensity, respectively, which can be obtained from Eq. (6.13). When using this 

approach it was assumed that ( )IMNClLP tT ,|>  is normally distributed and ( )ClLP tT |>  is 

lognormally distributed. The normality assumption on ( )IMNClLP tT ,|>  was based on the fact 

that when collapse has not occurred in the building, the total loss can be obtained from the sum 

of losses in individual components and provided that the sum is not dominated by losses in a few 

components, according to the central limit theorem (Benjamin and Cornell, 1970), the probability 

distribution of the sum of random variables will quickly tend toward a normal probability 

distribution. Furthermore, the lognormality assumption of ( )C|lLP TT >  was based on the fact that 

when collapse has occurred in the building, total loss is very similar to the construction cost of a 

new building. Statistical investigations on the construction costs of new buildings (Touran and 

Lerdwuthirong, 1997; Touran and Wiser, 1992), recommend the use of a gamma distribution for 

this random variable. However, our observations show that in most cases the gamma distribution 

of the cost can be replaced with a lognormal distribution without significantly affecting the 

accuracy of the estimation of the probability distribution for construction cost for a new building. 

 

Approach 2: In this approach, ( )IMlLP tT |>  was assumed to follow a cumulative lognormal 

distribution. On the basis of this assumption only the first two moments of the probability 

distribution are required to evaluate this conditional probability. The first moment, the expected 

value, is given by Eq. (6.3) whereas the second moment, the variance of the loss, is computed as 

follows  
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[ ] [ ] [ ] [ ] ( )IMCPIMCP CLIMNCLIML TTT |)|(1 |
2

,|
2

|
2 ⋅+−⋅= σσσ  

[ ] [ ]{ } [ ] [ ] [ ]{ } ( )IMCPIMLECLEIMCPIMLEIMNCLE TTTT |||)|(1|,| 22 ⋅−+−⋅−+   (6.17) 

where [ ]
2

,| IMNCLT
σ  is the variance of the total loss in the building given that collapse has not 

occurred at intensity level IM, and [ ]
2

|CLT
σ  is the variance of the total loss in the building given 

that collapse has occurred.  

In both approaches of estimation of ( )IMlLP tT |> , the dispersion of the total loss when 

collapse has occurred in the building, [ ]CLT |σ , and the dispersion of the total loss when collapse 

has not occurred in the building, [ ]IMNCLT ,|σ  are required. In the first approach these two 

dispersion parameters are used to estimate the probability of the building loss when collapse has 

occurred in the building, ( )ClLP tT |> , and to estimate the probability of the building loss when 

collapse has not occurred in the building at the ground motion intensity, IM, ( )IMNClLP tT ,|> . 

Once these two probability terms are estimated, Eq. (6.16) is used to estimate ( )IMlLP tT |> . In 

the second approach the two dispersion parameters, [ ]CLT |σ  and [ ]IMNCLT ,|σ , are explicitly used in 

Eq. (6.17) to estimate the variance of the building loss conditioned on the level of ground motion 

intensity, [ ]
2

|IMLT
σ . It is then assumed that ( )IMlLP tT |>  is lognormally distributed with 

parameters E[LT | IM] and σ[LT | IM]. 

The variance of the total loss in the building given that collapse has occurred in the building, 

[ ]
2

|CLT
σ , can be computed as follows 

∑∑
= =′

′′
=

CCI CCI

kkkkT

n

k

n

k

CCICCICCICCICL

1 1

,
2

]|[ σσρσ     (6.18) 

where nCCI is the number of Construction Cost Items, CCI , involved in the construction of the 

new building after experiencing collapse, 
kk CCICCI ′,ρ is the correlation coefficient between 

construction cost items k and k’, 
kCCIσ  and 

kCCI ′
σ  are the dispersion, standard deviation, of the 

construction cost items k and k’, respectively. Information on the correlation and dispersion of 

construction cost items can be found from previous research conducted on the statistical 

parameter of construction costs of previously constructed buildings, see for example Touran and 

Lerdwuthirong (1997), and Touran and Wiser (1992).  
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As observed in chapter 5, the level of dispersion on individual construction cost items is 

significantly high. For example, the coefficient of variation (c.o.v) on concrete works cost item is 

1 as can be seen in the first row of Table 5.1. However, it was observed that the dispersion on the 

total construction cost of a building is significantly lower than the level of dispersion on 

individual construction cost items, c.o.v in the order of 0.4. This dramatic change in the level of 

dispersion in total construction cost of a building compared to the level of dispersion in the cost 

of individual construction cost items can mathematically be explained by investigating the 

variations of the c.o.v of the sum of random variables compared to the c.o.v of an individual 

random variable. It can be shown that the c.o.v of the sum of n uncorrelated random variables 

with identical means, μ, and standard deviations, σ, is n/1  of the c.o.v of each of the random 

variables. Therefore, for n identical uncorrelated random variables the c.o.v of the sum decreases 

compared to the c.o.v of each random variable. For the case of construction cost items, the c.o.v 

of the sum is smaller than the c.o.v of each construction cost item. However, the ratio between 

the c.o.v of the sum and the c.o.v of each cost item is not as small as n/1  since construction 

cost items are mainly positively correlated with each other and this correlation has an important 

increasing effect on the level of dispersion of the sum of construction cost items. The reader is 

referred to chapter 5 for some examples on the level of correlation between various construction 

cost items. 

The variance of the total loss in the building given that collapse has not occurred at intensity 

level IM, [ ]
2

,| IMNCLT
σ , can be computed as a function of the dispersion of the losses in individual 

structural and non-structural components in the building as follows  

[ ] [ ] [ ]∑∑
= =′

′ ′′
=

n

j

n

j

IMNCLIMNCLIMNCLLjjIMNCL jjjjT
aa

1 1

,|,|,|,
2

],|[ σσρσ         (6.19) 

where [ ]IMNCL j ,|σ and [ ]IMNCL j ,|′
σ  are the dispersion, standard deviation, of the loss in components 

j and j’, respectively, provided that collapse has not occurred at intensity level IM, aj and aj’ are 

expected costs of new components for components j and j’, respectively, and [ ]IMNCjLjL ,|, ′
ρ  is the 

correlation coefficient between the losses in components j and j’ conditioned on IM when 

collapse has not occurred in the building. In general, this correlation coefficient is a function of 

three correlations: (1) the correlation of the engineering demand parameters EDP (i.e., response 

parameters) controlling the damage in the components; (2) the correlation of the damages in the 

components conditioned on the EDP; and (3) the correlation between the repair/replacement 
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costs of the components associated with a given damage state. Furthermore, [ ]IMNCLL jj ,|, 21
ρ varies 

as the level of ground motion intensity changes. While some studies have assumed that this 

correlation remains constant with changes in the level of IM (Baker and Cornell, 2003), here this 

variation has been explicitly considered. Proposed procedures developed in this study, to 

compute dispersion of the normalized economic losses in individual components and correlation 

coefficient between losses in individual components have been explained in the following two 

sections. Furthermore, the procedures have been illustrated with loss estimation results computed 

for the case study building. 

6.3.2 Dispersion of economic losses in an individual component 

The variance of the loss in component j when collapse has not occurred at intensity level IM, 

can be computed using the “mean square” minus the “squared mean” equation as follows 

[ ] [ ] [ ]( ) 2
22

,| ,|,| IMNCLEIMNCLE jjIMNCL j
−=σ     (6.20) 

In Eq. (6.20), the expected loss of component j conditioned on non-collapse and IM, 

[ ]IMNCLE j ,| , is computed from Eq. (6.5), while the expected squared loss of component j 

conditioned on non-collapse and IM, [ ]IMNCLE j ,|2 , is computed as follows 

[ ] [ ] ( )∫
∞

>=
0

22 ,| IMNCedpEDPdPNC,EDPLENC,IMLE jjjjj ||       (6.21) 

The expected squared loss of component j conditioned on the level of deformation in the 

component, [ ]jj NC,EDPLE |2 , using the total probability theorem can be expanded in terms of 

different damage states that can be experienced by the component as 

[ ] [ ] ( )∑
=

=⋅=
m

i
jiiijjj EDPdsDSPDSLEEDPNCLE

1

22 ||,|            (6.22) 

where [ ]ij DSLE |2 can be expanded as follows 

[ ] [ ] [ ]( )222 ||| ijijij DSLEDSLDSLE +=σ      (6.23) 

where [ ]ij DSL |2σ  is the variance of the normalized loss corresponding to the ith damage state 

in component j and can be estimated using the approach explained in chapter 5. 
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It should be noted that the loss estimation methodology developed in this study not only can 

be used to estimate the first two statistical moments of economic losses in an individual 

component but also can be used to estimate the probability of exceeding a certain level of loss in 

an individual component.  

An important advantage of the methodology developed in this study is its capability in 

providing information in the intermediate steps that can be very useful to structural engineers and 

other interested parties (Miranda and Aslani, 2003b). For example, Eq (6.22) can be used 

together with Eq. (6.6) to estimate the dispersion of component loss in an individual component 

as a function of the level of deformation in that component, 2
],|[ jj EDPNCLσ , as follows 

[ ] [ ]( )222
],|[ ,|,|  jjjjEDPNCL EDPNCLEEDPNCLE

jj
−=σ     (6.24) 

Figs. 6.16, 6.17, and 6.18 shows variations of the dispersion of loss as a function of the level 

of engineering demand parameter, EDP, for structural and non-structural  components located in 

various stories of the case study building, computed from Eqs. (6.24), (6.22) and (6.6). 

Comparing the values presented in these figures with expected loss of the components 

conditioned on the level of deformation, Figs. 6.1, 6.2, and 6.3, one can see that the level of 

dispersion of the loss in an individual component is high. For example, at 2% interstory drift 

ratio, the dispersion of the loss in the interior column of the fourth story is around 1.5, Fig. 6.16b, 

which leads to a coefficient of variation of 1.13 when normalized  by the  expected loss for the 

same component, shown in Fig. 6.1b. This significant level of dispersion mainly stems from the 

fact that the dispersion of loss functions developed for the components at different damage states 

are significantly high due to high levels of dispersion on the cost of required repair and 

replacement actions. Furthermore, in addition to the significant level of dispersion in the loss 

functions, the dispersion in fragility functions also contribute into the total dispersion of the 

component loss at different levels of deformation. 

Once the dispersion of the loss conditioned on the level of deformation in a component are 

computed, Eqs. (6.21) and (6.22) can be used to estimate the dispersion of the component loss as 

a function of the ground motion intensity, when collapse has not occurred in the building, 
2

,| IMNCL j
σ . Figures 6.19, 6.20 and 6.21 show the variations of the dispersion of the normalized 

loss conditioned on non-collapse and elastic spectral displacement, Sd, for structural and non-

structural components located in the 1st, 4th, and 7th stories of the case study building. It can be 

seen that similar to the dispersion of the loss conditioned on the level of deformation, the level of 

dispersion in this case is also high. This high level of dispersion mainly stems from the high level 
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of dispersion in the loss function and is increased by the dispersion from fragility functions, and 

dispersion of the structural response at different levels of ground motion intensity.  
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Fig. 6.16. Variations of the dispersion, standard deviation, of the loss in columns located in various 

stories of the case study building as a function of the interstory drift ratio, IDR; (a) 1st story, (b) 4th story, (c) 

7th story. 
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Fig. 6.17. Variations of the dispersion, standard deviation, of the loss in slab-column and beam-column 

connections located in various stories of the case study building as a function of the interstory drift ratio, IDR. 
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Fig. 6.18. Variations of the dispersion, standard deviation, of the loss in (a) drift-sensitive and (b) 

acceleration-sensitive non-structural components of the case study building as a function of the interstory drift 

ratio, IDR, and peak floor acceleration, PFA, respectively. 
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Fig. 6.19. Variations of the dispersion, standard deviation, of the component loss as a function of elastic 

spectral displacement, Sd, in structural and non-structural components located in the 1st story and 2nd floor of 

the building; (a) structural components, (b) drift-sensitive non-structural components, (c) acceleration-

sensitive non-structural components. 
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Fig. 6.20. Variations of the dispersion, standard deviation, of the component loss as a function of elastic 

spectral displacement, Sd, in structural and non-structural components located in the 4th story and 5th floor of 

the building; (a) structural components, (b) drift-sensitive non-structural components, (c) acceleration-

sensitive non-structural components. 
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Fig. 6.21. Variations of the dispersion, standard deviation, of the component loss as a function of elastic 

spectral displacement, Sd, in structural and non-structural components located in the 7th story and roof of the 

building; (a) structural components, (b) drift-sensitive non-structural components, (c) acceleration-sensitive 

non-structural components. 

6.3.3 Correlation between losses in individual components 

As shown by Eq. (6.16) estimation of the dispersion of the loss as a function of the level of 

ground motion intensity requires estimation of correlation between losses in individual 

components. The correlation between the losses in two individual components conditioned on the 

(a) 

(b) 

(c) 
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ground motion intensity level when collapse has not occurred in the building, [ ]IMNCLL jj ,|, ′
ρ , 

can be computed as 

[ ]
[ ]

[ ] [ ]IMNCLIMNCL

IMNCLL
IMNCLL

jj

jj

jj
,|,|

,|
,|,

′

′

′
=

σσ
σ

ρ     (6.25) 

which [ ]IMNCLL jj ,|′
σ  is the covariance of the loss between components j and j’ conditioned on IM , 

when collapse has not occurred in the building and can be expanded as 

[ ] [ ] [ ] [ ]IMNCLEIMNCLEIMNCLLE jjjjIMNCLL jj
,|,|,|,|, ′′ −=

′
σ                (6.26) 

where, [ ]IMNCLE j ,|  and [ ]IMNCLE j ,|′ can be computed from Eq. (6.5), and 

[ ]IMNCLLE jj ,|′ can be expanded as follows 
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As can be seen in Eq. (6.27) estimation of the [ ]IMNCLLE jj ,|′  requires knowledge of the 

joint probability distribution of EDPj and EDPj’, conditioned on IM. It was observed that the 

estimation of this joint probability distribution and ultimately estimation of the covariance 

[ ]IMNCLL jj ,|′
σ  using Eqs. (6.26) and (6.27) is computationally intensive. Therefore, in this study 

the covariance [ ]IMNCLL jj ,|′
σ  has been estimated using a first order approximation (Baker and 

Cornell, 2003) as follows 

[ ]
[ ]

[ ]

[ ]
[ ]

[ ] [ ] [ ] [ ][ ] [ ] [ ]IMNCEDPEIMNCEDPEEDPEDPLLIMNCEDPIMNCEDPIMNCEDPEDP

IMNCEDPEj

jj

IMNCEDPEj

jj
IMNCLL

jjjjjjjjjj

jj

jj EDPd
EDPLEd

EDPd
EDPLEd

,|,,|,|,,|,|,|,

,|,|

,|

     

||
2
1

′′′′′

′

′

+×

⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡
×

⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡
≈

′

′′

σσσρ

σ

 (6.28) 

where dE[Lj|EDPj]/dEDPj evaluated at E[EDPj | NC , IM], and dE[Lj’|EDPj’]/dEDPj’ evaluated at 

E[EDPj’ | NC , IM] can be computed from the slope of the expected loss curves of individual 

components developed earlier using Eq. (6.6), [ ]IMNCEDPEDP jj ,|, ′
ρ , [ ]IMNCEDPj ,|σ  and [ ]IMNCEDPj ,|′

σ  are 
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computed from simulation results of response history analyses explained in chapter 3, and 

[ ]jjjj EDPEDPLL ′′ ,|,σ  is the covariance of losses in individual components j and j’, conditioned on 

the level of engineering demand parameter in them. 

 

IDR1 IDR2 IDR3 IDR4 IDR5 IDR6 IDR7 PFA1 PFA2 PFA3 PFA4 PFA5 PFA6 PFA7 PFA8

IDR1 1 0.88 0.36 0.51 0.61 0.66 0.71 0.68 0.69 0.74 0.77 0.78 0.70 0.64 0.69
IDR2 1 0.53 0.41 0.51 0.57 0.63 0.59 0.60 0.62 0.67 0.70 0.65 0.50 0.61
IDR3 1 0.42 0.30 0.32 0.39 0.32 0.39 0.32 0.37 0.36 0.34 0.29 0.40
IDR4 1 0.88 0.79 0.78 0.71 0.73 0.72 0.73 0.72 0.75 0.75 0.76
IDR5 1 0.96 0.91 0.75 0.86 0.86 0.89 0.86 0.73 0.89 0.88
IDR6 1 0.96 0.78 0.92 0.91 0.92 0.90 0.73 0.92 0.92
IDR7 1 0.87 0.96 0.96 0.95 0.94 0.84 0.90 0.98
PFA1 1 0.87 0.88 0.89 0.88 0.88 0.79 0.86
PFA2 1 0.96 0.94 0.94 0.83 0.88 0.95
PFA3 1 0.97 0.95 0.85 0.89 0.96
PFA4 1 0.96 0.87 0.88 0.94
PFA5 1 0.89 0.86 0.93
PFA6 1 0.70 0.82
PFA7 1 0.90
PFA8 1  

Fig. 6.22. correlation coefficients between engineering demand parameters, namely interstory drift ratio, 

IDR and peak floor acceleration, PFA at different stories of the case study building when collapse has not 

occurred and the ground motion intensity is 10 cm of elastic spectral displacement. 

Fig. 6.22 presents an example of the correlation coefficients, [ ]IMNCEDPEDP jj ,|, ′
ρ , between 

different engineering demand parameters, namely interstory drift ratio (IDR) and peak floor 

acceleration (PFA), of the case study building when the building has not collapsed and the 

ground motion intensity is 10 cm of elastic spectral displacement. These correlation coefficients 

are estimated from the results of nonlinear response history analyses of the case study building, 

explained in chapter 3. As can be seen in the figure all response parameters are positively 

correlated to each other. Furthermore, the level of correlation between interstory drift ratio and 

peak floor acceleration is significant. For example, the correlation coefficient between interstory 

drift ratio in the fourth story, IDR4, and the peak floor acceleration at the third floor, PFA6, is 

+0.75. Fig. 6.23 presents the variations of the correlation coefficient at the response level, 
[ ]IMNCEDPEDP jj ,|, ′

ρ , with changes in the level of ground motion intensity, IM, for interstory drift  

[ ] : 10,|, cmIMNCEDPEDP jj =′
ρ

Symmetric 
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Fig. 6.23. Variations of the correlation coefficients, [ ]IMNCEDPEDP jj ,|, 21

ρ , between engineering demand 

parameters, namely interstory drift ratio, IDR and peak floor acceleration, PFA at different stories of the case 

study building when collapse has not occurred with changes in the level of ground motion intensity, IM. 

(a) (b) 

(c) (d) 

(e) 
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ratio at the 1st, 4th and 7th stories, IDR1, IDR4, IDR7, and peak floor accelerations at the 2nd, 5th, 

and roof levels, PFA2, PFA5, PFA8, of the case study building. As can be seen in the figure, 

correlation coefficient at the response level varies significantly with changes in the level of 

intensity. For example, Fig. 6.23c shows that the correlation coefficient between IDR1 and PFA8 

decreases from 0.8 at 5 cm of spectral displacement to 0.27 at 50 cm of spectral displacement, a 

66% decrease. Not in all cases response correlation coefficient decreases as the level of ground 

motion intensity increases. For example, as can be seen in Fig. 6.23a, correlation coefficient 

between IDR1 and IDR4, increases from 0.2 at Sd = 20 cm, to 0.63, at Sd = 50 cm. However, it was 

observed that the correlation coefficient between response parameters that are first-mode 

dominated, such as IDR1, and IDR4, with response parameters that are higher-modes dominated, 

such as PFA at different floor levels or IDR7, shows a decreasing trend (see for example, Figs. 

6.22c, and 6.22d). Furthermore, it was observed that higher-mode dominated response 

parameters are highly correlated and the level of correlation coefficient remains fairly constant 

with changes in the level of ground motion intensity (see for example, Fig. 6.22b, and 6.22e). On 

the basis of the above observations, variations of correlation coefficient at the response level with 

increasing levels of ground motion intensity has been taken into account when estimating the 

covariance of losses between individual components using Eq. (6.25).  

The covariance of losses in individual components j and j’, conditioned on the level of 

engineering demand parameter in them, [ ]jjjj EDPEDPLL ′′ ,|,σ is given by 
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     (6.29) 

where [ ]iijj DSDSLL ′′ ,|,ρ is the correlation between the losses in components j and j’ when damage 

states DSi and DSi’ have occurred in each of them, respectively, and 

( )jjii EDPEDPdsDSdsDSP ′′== ,|, is the joint probability distribution of components j and j’ 

being in damage states dsi and dsi’
 when they are subjected to engineering demand parameters, 

EDPj and EDPj’, respectively.  
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In this investigation [ ]iijj DSDSLL ′′ ,|,ρ is obtained from the correlation between construction cost 

items as explained in chapter 5. Fig. 6.24 presents examples on the [ ]iijj DSDSLL ′′ ,|,ρ  computed for 

different components in the case study building. As can be seen in the figure, the level of 

correlation is mainly a function of the type of the component and the repair/replacement actions 

required for each damage state. For example, as can be seen in Fig. 6.24a, component economic 

losses are fully correlated when a slab-column and a column are in severe cracking damage 

states, dsi = 2 and dsi’ = 2, since the corresponding repair actions for each component are very 

similar. 

The joint probability of being in damage states dsi and dsi’ in two different components 

conditioned on EDPj, and EDPj’, ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , has been estimated on the 

basis of the type of the component, whether it is structural or non-structural, and the location of  
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Fig. 6.24. Examples of the correlation between losses in components j1 and j2 when damage states DSi1 

and DSi2 have occurred in each of them, [ ]2121 ,|, iijj DSDSLLρ ; (a) a column and a slab-column connection, (b) a 

beam-column connection and a partition, (c) a window and a partition. 

(a) 
(b) 

(c) 
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the component in the building. Therefore, in the context of vulnerability of components in a 

building, the following three categories were identified and the formulation to estimate the joint 

probability distribution of damage conditioned on the level of deformation was developed for 

each category:  

(a) Uncorrelated components: This category includes components that either have different 

types, or are located at different stories of a building. For example, a column and a partition 

located in the first story of a building or a column in the first story and a beam-column 

connection in the fourth story are considered uncorrelated components. 

(b) Fully correlated components: Components in this category are identical components located 

at the same story of a building. For example, two slab-column connections in the second story of 

a building or two partitions located in the fourth story of a building are considered fully 

correlated components. 

(c) Partially correlated components: This category involves components that have either the 

same type and are located in the same story, or components that are identical but have been 

located at different stories of a building. For example, a column and a slab-column connection 

located in the fifth story of a building or two partitions, one located in the third story and the 

other one in the sixth story are considered partially correlated components.  

6.3.3.1 Estimation of the covariance of component losses for uncorrelated 

components 

For uncorrelated components it was assumed that the probability of component j being in 

damage state DSi, conditioned on EDPj and the probability of component j’ being in damage state 

DSi’, conditioned on EDPj’ are independent. Therefore, the joint probability distribution of 

components j and j’ being in damage states DSi and DSi’
 conditioned on EDPj and EDPj’ can be 

computed as  

( ) ( ) ( )jijijjii EDPdsDSPEDPdsDSPEDPEDPdsDSdsDSP ′′′′ ===== ||,|,              (6.30) 

Fig. 6.25 shows an example of the joint probability distribution of damage conditioned on EDP, 

estimated for two uncorrelated components in the case study building. The term DS0 in the figure 

refers to the state of no damage in the component. It is important to include DS0 in computations 

of the joint probability distribution of damage in order to satisfy the normality rule both for the 

marginal distributions of damage conditioned on EDP, which is the probability of an individual 

component being in a damage state conditioned on EDP, and for the joint probability distribution 

of damage conditioned on EDP. 



Chapter 6  Loss estimation methodology and applications 194

Substituting Eq. (6.30) in (6.29) and using ( )ji EDPDSP |  and ( )jj EDPDSP ′′ |  as short 

forms for ( )ji EDPdsDSP |=  and ( )ji EDPdsDSP ′′= | , the covariance of the loss between 

components j and j’ conditioned on EDPj, and EDPj’ can be computed as 
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Fig. 6.25. Joint probability distribution of components j and j’ being in damage states DSi and DSi’

 

conditioned on EDPj and EDPj’, ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , for two uncorrelated components in 

the case study building; a column in the 1st story and a partition in the 4th story. 

6.3.3.2 Estimation of the covariance of component losses for fully correlated 

components 

For fully correlated components it was assumed that the joint probability distribution of 

components j and j’ being in damage states DSi and DSi’
 conditioned on EDPj and EDPj’ can be 

computed as follows 
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Fig. 6.26 presents an example of the joint probability distribution computed for two fully 

correlated components in the case study building. As can be seen in the figure, all non-diagonal 

terms of the joint probability distribution are 0, for the case of fully correlated components. 
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Fig. 6.26. Joint probability distribution of components j1 and j2 being in damage states DSi and DSi’

 

conditioned on EDPj and EDPj’, ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , for two fully correlated components 

in the case study building; two slab-column connections in the 1st story. 

The covariance of the loss between components j and j’ conditioned on EDP can be 

computed by substituting Eq. (6.32) in the right hand side of Eq. (6.29) as follows 
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Simplifying Eq. (6.33) leads to 
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Hence, for fully correlated components, the covariance of the loss between components j and j’ 

conditioned on EDP is equal to the variance of the loss in component j or j’ conditioned on EDP.  

6.3.3.3 Estimation of the covariance of component losses for partially correlated 

components 

Developing a procedure to estimate the joint probability distribution of components j and j’ 

being in damage states DSi and DSi’
 conditioned on EDPj and EDPj’ for partially correlated 

components is one of the most challenging tasks of this study. While at this time further research 

is being conducted on estimating this joint probability distribution, an approach which is based 

on certain simplifying assumptions is proposed in this section. The proposed approach in this 

section assumes that damage states are quantitative random variables that can take realizations 

from 1 to m, (m being the last damage state in a component). However, this is not a good 

assumption, since damage states are qualitative random variables. 

Estimating joint probability distribution for correlated discrete random variables has been a 

major research topic in marketing and econometrics theory in order to build contingency 

(frequency) tables for multiple categories of data (Romeo, 2004; Ophem, 1999; Putler et al., 

1996; Deming and Stephan, 1940). However, methodologies, developed in marketing and 

econometrics to estimate joint probability distributions for correlated discrete random variables, 

are not only based on the probability distribution of each random variable(the marginal 

distribution) but also on the joint probability distribution of those random variables at either the 

sample-level or the population-level. In other words, in the studies conducted in marketing 

econometrics in addition to the marginal distribution of the random variables considered in the 

study, the joint probability distribution of those correlated random variables at a certain 

geographic level is given and the joint probability distribution at another geographic level is 

required. For example, in a study conducted by Romeo (2004), a methodology is developed to 

estimate joint probability distribution of correlated discrete random variables at retail-store level 

when information was available on the marginal distribution and on the joint probability 

distribution of those random variables at city-wide level.  

The main difference between estimating joint probability distribution for correlated discrete 

random variables considered in this study with estimating joint probability distribution for 

correlated discrete random variables considered in marketing and econometrics studies is that 

only the marginal probability distributions for each random variable is available and no 

information is available on the joint probability distribution of those random variables. 

Therefore, in order to estimate joint probability distribution, ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , 
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for partially correlated random variables (dsi | EDPj)and (dsi’ | EDPj’) the following approach is 

proposed and implemented:  

1. For any two partially correlated components j and j’, first, an initial guess of the joint 

probability distribution, ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , is estimated assuming that they are 

uncorrelated, using Eq. (6.30).  

2. Correlation coefficient between damage states i and i’ that correspond to components j and 

j’, respectively, when they are subjected to EDPj and EDPj’, [ ]jjii EDPEDPDSDS ′′ ,|,ρ , is defined as 

follows 

[ ]
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where, [ ]',|, jjii EDPEDPDSDS ′
σ  is the covariance between damage states i and i’ conditioned on EDPj 

and EDPj’, and can be computed as follows 
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In Eq. (6.35), [ ]ji EDPDS |σ  is the standard deviation of damage state i, conditioned on EDPj which 

can be computed as follows 
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where [ ]ji EDPDSE |2  is the squared mean of DSi and can be estimated as 
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Similarly, [ ]ji EDPDS ′′ |σ  in Eq. (6.35) is the standard deviation of damage state i’, conditioned on 

EDPj’ and can be computed by replacing i and j sub indices in Eqs. (6.40) and (6.41) with i’, and 

j’.  

3. The correlation coefficient defined in the previous step is set to a target value, for 

example, +0.5.  

4. For the initial guess of the joint probability distribution ( )jjii EDPEDPdsDSdsDSP ′′== ,|,  

computed in step 1, the correlation coefficient estimated from Eq. (6.35) in step 2 is 0. Therefore, 

the initial guess for the joint probability distribution is updated using an iterative proportional 

fitting procedure, (Deming and Stephan, 1940) until the target correlation coefficient estimated 

using Eq. (6.35) is reached. 

Fig. 6.27 presents two examples on the estimated discrete joint probability distribution of 

partially correlated components in the case study building. In both cases shown in the figure, the 

target correlation coefficient, [ ]2121 ,|, jjii EDPEDPDSDSρ , is +0.5. As can be seen in  the  figure  the  

joint  
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Fig. 6.27. Joint probability distribution of components j1 and j2 being in damage states DSi and DSi’

 

conditioned on EDPj and EDPj’ , ( )jjii EDPEDPdsDSdsDSP ′′== ,|, , for partially correlated components in 

the case study building; (a) a partition located in the 1st story and a partition located in the 4th story, (b) a 

column and a beam-column connection located in the 1st story. 

(a) (b) 



Chapter 6  Loss estimation methodology and applications 199

probability distribution of damage conditioned on EDP, is not always a square matrix, and is a 

function of the number of damage states defined for each component. 

6.3.4 Dispersion of the building loss in the case study building 

Once the dispersion of the loss in individual components and the correlation between losses 

in individual components are computed the dispersion of the building loss when collapse has not 

occurred in the building at a given ground motion intensity, ],|[ IMNCLT
σ , can be computed using 

Eq. (6.19). Fig. 6.28a shows the variations of ],|[ IMNCLT
σ in the case study building as a function of 

the elastic spectral displacement, Sd. It can be seen that the dispersion of losses significantly 

changes with the level of ground motion intensity. For example, at Sd = 10 cm the level of non-

collapse dispersion is $ 1.17 M, whereas at Sd = 30 cm  is $ 2.69 M, which is more than twice its 

value at 10 cm of spectral displacement. On the basis of this observation, variations of dispersion 

with ground motion intensity has been taken into account in the loss estimation methodology 

developed in this study. Fig. 6.28b presents the dispersion of the building loss, computed from 

Eq. (6.18), when collapse has occurred in the case study building.  
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Fig. 6.28. (a) Variations of the dispersion, standard deviation, of the building loss as a function of the 

elastic spectral displacement, Sd, when collapse has not occurred in the case study building, (b) Variations of 

the dispersion of the building loss as a function of Sd when collapse has occurred in the case study building. 

(b) (a) 
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Fig. 6.29. Variations of the dispersion, standard deviation, of the building loss as a function of the elastic 

spectral displacement, Sd. 

The dispersion of the building loss for non-collapse and collapse cases can be superimposed 

using Eq. (6.17), to compute the dispersion of the building loss, ]|[ IMLT
σ . Fig. 6.29 presents the 

variations of ]|[ IMLT
σ with changes in the ground motion intensity for the case study building. It 

can be seen from the figure that up to spectral displacements of 40 cm, this dispersion is mainly 

influenced by the dispersion of the loss when collapse has not occurred in the building, as can be 

understood from the hump on the dispersion of the loss at around 22 cm. 

It should be noted that although the level of dispersion at the component level was 

significantly high, coefficients of variations around 1, the level of dispersion at the building level 

is not as high. For example, at Sd = 30 cm, the level of dispersion is around $ 4.24 M, Fig. 6.29, 

which is equivalent to a coefficient of variation of 0.5, when normalized by the building expected 

loss evaluated at Sd = 30 cm, Fig. 6.14. This significant decrease in the level of dispersion at the 

building level compared to the level of dispersion at the component level can be explained by 

looking at the variations of the dispersion of the sum of random variables and comparing it to the 

dispersion of an individual random variable. 

An important question that needs to be addressed in the context of the dispersion of the loss, 

is how accurate it is required to estimate the dispersion of the loss when collapse has not 

occurred, [ ]IMNCLT ,|σ , in order to obtain a reasonably accurate probabilistic estimation of the 

building loss. The question is pertinent, since an accurate estimation of the dispersion of the 
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building loss for the non-collapse case can become computationally expensive. Specifically, 

incorporating the effects of correlation in estimating the dispersion of the loss requires a 

significant amount of data and computational simulations. Therefore, it is important to carefully 

investigate the effects of correlation between losses in individual components on the non-

collapse dispersion of the building loss. Consequently, a detailed sensitivity analysis on the 

effects of correlation between losses in individual components on the non-collapse dispersion of 

the building loss has been performed in Chapter 9 of this study to investigate the effects of 

various sources of uncertainty on the dispersion of the building loss with the objective of 

proposing more simplified approaches to estimate the dispersion of the building loss.  

6.3.5 Loss curve for the case study building 

The mean annual frequency of exceeding different levels of dollar loss computed using 

Eq. (6.14), building loss curve, is shown in Fig. 6.30 for the case study building. It can be seen 

that losses smaller than $1 M can occur with mean rates of exceedance larger than 3.1%, which 

means they can occur every 31 years or less. It can also be observed that at around $ 6 M there is 

a dramatic change in the slope of the loss curve. This dramatic change is caused by the fact that 

majority of component losses is produced  between  spectral  displacements  of 10 cm  and 40 

cm.  
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Fig. 6.30. Mean annual frequency of exceeding different levels of dollar loss in the case study building, 

also referred to as building loss curve. 



Chapter 6  Loss estimation methodology and applications 202

Also shown on Fig. 6.30, is a comparison between the effects of using either of the approaches to 

estimate the probability of exceeding a certain level of loss at a given ground motion intensity, 

[ ]IMlLP tT |> , on building loss curve. Approach 1 uses Eq. (6.16) to estimate [ ]IMlLP tT |> , 

whereas approach 2 uses Eqs. (6.3) and (6.17) to estimate the mean and variance of the building 

loss at different levels of ground motion intensity and assumes that [ ]IMlLP tT |>  follows a 

cumulative lognormal distribution. As can be seen from the figure, results from both approaches 

are very close to each other. Furthermore, it can be shown that the area underneath the loss curve 

is equal to the building expected annual loss, before incorporating the discount rate. 

 



Chapter 7  Loss disaggregation 203

C h a p t e r  7  

LOSS DISAGGREGATION 

7.1 Introduction 

The proposed loss estimation methodology, explained in chapter 6, has the advantage of 

accounting for the following main sources of uncertainty that contribute to the building loss: 

uncertainty stemmed from the variability in the seismic hazard at the site; uncertainty stemmed 

from the variability in the structural response conditioned on the level of ground motion 

intensity; uncertainty stemmed from the variability in experiencing damage in different 

components when they are subjected to a certain level of structural response; and uncertainty 

stemmed from the variability in repair or replacement cost of various components when a certain 

damage state has occurred in them. These sources of uncertainty were incorporated in the 

proposed methodology by developing the methodology on the basis of PEER’s framework 

equation, Eq. (2.3), for seismic performance assessment which can be presented as follows  

∑∫∫ >=>=>Δ=>=> )()|( )|()|()( imIMdimIMedpEDPPdedpEDPdmDMPdmDMdvDVPdvDVDV νν   (7.1) 

Various sequences can be used in solving integrals and the summation presented in Eq. (7.1). 

For example, one can first, solve for the integration on the ground motion intensity, IM, and then 

solve for the integral on the level of structural response, EDP, and then perform the summation 

on the level of damage, DM. Probabilistic estimation of the decision variable, DV, when using 

Eq. (7.1) is not dependent on the sequence being selected in solving integrals and the summation. 

However, certain sequences in solving integrals and the summation presented in Eq. (7.1) offer 

advantages over other sequences by providing information in the intermediate steps that can 

become useful in the decision making procedure to adopt a certain seismic risk mitigation 

strategy. 
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When the decision making procedure for seismic risk mitigation is based on economic losses 

in a building, information that are provided in the intermediate steps can be extremely useful for 

the decision makers. For example, the final decision with regards to the seismic risk mitigation 

strategy for a building can be significantly different if the decision makers know that 80% of the 

building expected annual loss is generated from the collapse cases as opposed to the case when 

80% of the building expected annual loss is generated from the non-collapse cases. When 

collapse losses are dominating the building expected annual loss the decision makers may lean 

toward demolishing the whole building, whereas when the expected annual loss is dominated by 

non-collapse losses the decision makers may lean toward upgrading the building with the 

purpose of minimizing those component losses that significantly contribute to the non-collapse 

expected annual loss. 

In order to obtain information such as the contribution of collapse and non-collapse losses to 

the expected annual loss of the building, measures of economic losses estimated from the 

proposed loss estimation methodology can be disaggregated in a fashion similar to 

disaggregation of the seismic hazard (McGuire, 1995; Bazzurro, 1998). The sequence of 

performing integrations and summations proposed in the loss estimation methodology presented 

in chapter 6 is designed in a way such that the intermediate results can be used for an efficient 

loss disaggregation that can provide useful information for various building stakeholders. In this 

chapter, loss disaggregation results for two measures of the expected loss and for the mean 

annual frequency of exceedance of the building loss in the case study building are presented.  

7.2 Disaggregation of the Expected Loss 

A formulation has been developed for disaggregation of two measures of expected loss; 

expected annual loss, E[LT], computed using Eqs. (6.1) and (6.2), and expected loss at a given 

level of ground motion intensity that can correspond to a specific earthquake scenario, E[LT|IM], 

computed using Eq. (6.3). First, the formulation for disaggregation of the expected annual loss 

has been presented together with examples of the disaggregation of the expected annual loss 

estimated in the case study building. In the second part, the formulation for disaggregation of the 

scenario-based expected loss has been illustrated by using it in the case study building. 

7.2.1. Disaggregation of the expected annual loss 

The expected annual loss is disaggregated into its contribution from the following factors: 

- Loss at various levels of ground motion intensity 

- Non-collapse and collapse losses 
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- Non-collapse loss estimated at different stories of a building 

- Non-collapse loss estimated for each component category; for example, for the case 

study building three component categories were considered; structural, non-structural 

drift-sensitive and non-structural acceleration-sensitive component categories. 

- Non-collapse loss estimated for each group of components within each component 

category; for example, for the case study building, the structural component category 

includes slab-columns, columns and beam-column connections. 

The following sections provide examples on the disaggregation of the expected annual loss of the 

case study building. In the examples presented in the following sections, wherever required the 

discount rate is assumed to be 4%, λ = 4%, and the time period t is assumed to be 1 year (Please 

see Eq. (6.1) for definitions of λ ,and t). Therefore, the effects of discount rate, (1-e-λt)/λ factor, 

would be approximately equal to 1. 

7.2.1.1. Disaggregation of the expected annual loss into its contribution at different 

levels of intensity 

The expected annual loss of a building can numerically be computed as follows 

[ ] [ ] ( )∑
∞

=

Δ=
0

 |
im

TT IMIMLELE ν              (7.2) 

where the integral in Eq. (6.1) is replaced with a summation, and ( )IMdν  is replaced with 

( )IMνΔ , to show that the expected annual loss of the building is a weighted sum of the 

expected loss at different levels of ground motion intensity, E[LT | IM]. 

The contribution of the losses estimated at a certain level of ground motion intensity into the 

expected annual loss (i.e. disaggregation of the expected annual loss into its contribution from a 

certain level of IM), E[LT]im, can be computed as follows 

[ ] [ ] ( )IMIMLELE TimT νΔ=  |                       (7.3) 

where E[LT | IM ] can be computed from Eq. (6.3). 

Fig. 7.1a shows the expected annual loss of the case study building disaggregated into loss at 

different levels of ground motion intensity. Fig. 7.1b presents the same results normalized by the 

expected annual loss of the building. As can be seen in the figure, losses estimated from 

moderated earthquakes, earthquakes with intensities between 2.5 cm and 30 cm (2.5 cm< Sd <40 

cm), significantly contribute to the expected annual loss. This is mainly because, losses from 

earthquakes with relatively small levels of ground motion intensity, although are smaller than 
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losses from severe earthquakes, occur more frequently. Fig. 7.2 shows expected loss of the 

building  at  different  levels  of  ground  motion   intensity   together  with  the  variations  of  the  
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Fig. 7.1. (a) Disaggregation of the expected annual loss to losses at different levels of intensity, (b) 

Disaggregation of the expected annual loss to losses at different levels of intensity normalized by the 

expected annual loss. 
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Fig. 7.2. (a) Variations in the building expected loss with increasing levels of ground motion intensity; 

(b) Variations in the numerical derivative of the seismic hazard curve with increasing levels of ground motion 

intensity. 
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numerical derivative of the seismic hazard curve at the site, ν (IM), at different levels of ground 

motion intensity. As can be seen in the figure, when computing the contribution of expected loss 

at different levels of ground motion intensity into the expected annual loss using Eq. (7.3), at 

small levels of ground motion intensity, small values of the building expected loss, Fig. 7.2a, will 

be weighted by large values of the numerical derivative of the seismic hazard curve, Fig. 7.2b. 

For example, at Sd = 10 cm, the expected loss conditioned on IM, is around $ 1.77 M, and the 

numerical derivative of the seismic hazard at the site is around 0.009. Therefore, the contribution 

of losses at Sd = 10 cm to the expected annual loss is around $ 16,000. However, at Sd = 50 cm, 

although the expected loss conditioned on IM is around $ 9.2 M, the numerical derivative of the 

seismic hazard at the site is around 0.0001, which leads to a contribution of $ 1000 in the 

expected annual loss. 

Disaggregation of the expected annual loss into its contribution by different levels of ground 

motion intensity, provides very useful information on what earthquakes, moderate or severe, 

contribute the most to the losses in a building. For example, if the building expected annual loss 

is dominated by losses from earthquakes with small levels of intensity, and the building is 

located at a site that results from a probabilistic seismic hazard analysis predicts high levels of 

mean annual frequency of exceedance for earthquakes with small levels of intensity, various 

stakeholders of the building may choose to insurance policies with a smaller amount of 

deductible. Furthermore, results from this type of disaggregation can be used together with the 

results from seismic hazard disaggregation (McGuire, 1995; Bazzurro, 1998) to identify the 

magnitude and distance of the earthquakes that contribute the most to the expected annual loss of 

a building, which then can be used for seismic performance design of new buildings.  

7.2.1.2. Disaggregation of the expected annual loss into its contribution by non-

collapse and collapse cases 

Contributions of non-collapse losses into the building expected annual loss can be computed 

by replacing E[LT | IM] in Eq. (7.2) with E[LT | NC,IM] estimated from Eq. (6.4). Similarly, 

contribution of losses from collapse cases to the expected annual loss can be computed by 

replacing E[LT | IM] in Eq. (7.2) with E[LT | C] explained in chapter 6. Fig. 7.3 shows the 

collapse/non-collapse disaggregation of the expected annual loss for the case study building. 

Percentages shown on the figure are computed by normalizing the values computed from Eqs. 

(7.2) and (7.4) to the expected annual loss computed from Eq. (6.2). As can be seen in the figure, 

45% of the expected annual loss is contributed by non-collapse cases, which shows the 

importance of considering non-collapse losses when performing loss estimation. As explained 
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earlier, disaggregation of the expected annual loss into its contribution from collapse and non-

collapse cases, provides very useful information for various decision makers of a building. For 

example, for the case study building since almost half of the expected annual loss is stemmed 

from non-collapse cases, decision makers may lean toward upgrading the building with the 

objective of decreasing non-collapse losses in the building. 

55.0%
45.0%

Non-collapse Collapse

 
Fig. 7.3. Disaggregation of the expected annual loss to losses from non-collapse scenarios and collapse 

scenarios. 

10.2%

89.8%

Non-collapse
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Fig. 7.4. Effects of delaying collapse in the case study building on the disaggregation of the expected 

annual loss to losses from non-collapse and collapse cases. 

It should be noted that the contribution of non-collapse losses into the expected annual loss 

will be even higher for ductile buildings, which is the case for new constructions, since 

occurrence of collapse has been delayed because of the presence of conforming structural 

components. For example, if instead of using the original probability of collapse of the case study 
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building (shown in Fig. 6.12), the probability of collapse for a ductile building such as the one 

presented in Fig. 6.13a is used, the contribution of the non-collapse losses to the expected annual 

loss will increase to 90%, almost doubles, as can be seen in Fig. 7.4. Therefore, for code-

conforming buildings limiting losses from non-collapse cases has a significant impact in 

decreasing the amount of expected annual loss. It should be noted that the use of the probability 

of collapse shown in Fig. 6.12 was done only to show how delaying collapse will affect the 

relative contribution of losses from non-collapse and collapse cases to the expected loss and the 

percentages shown in Fig. 7.4 should not be interpreted as actual collapse and no-collapse losses 

in the building since essentially the probability of collapse conditioned on IM used to generate 

Fig. 7.4 is for a very different building that has different number of stories, first period of 

vibrations, etc., compared to the case study building.  

7.2.1.3. Disaggregation of the non-collapse expected annual loss into its contribution 

from loss estimated at different stories 

The expected annual loss from non-collapse cases, E[LT | NC], can be further disaggregated 

into its contribution at different stories of a building, E[LS | NC], as follows 

[ ] ( ) [ ] ( )∑
∞
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=
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S IMIMNCLEeNCLE ν
λ

λ

           (7.4) 

where E[LS | NC,IM] is the non-collapse expected loss of a story conditioned on the level of 

ground motion intensity and can be estimated by modifying Eq. (6.4) as follows 

[ ] [ ]∑
=

=
SN

j

jjs IMNCLEaIMNCLE
1

,|,|           (7.5) 

where Ns, is the number of components in the story S of the building. 

Fig. 7.5 presents the disaggregation of the non-collapse expected annual loss estimated for 

the case study building into its contribution from loss estimated at different stories of the 

building. Fig. 7.5a shows the dollar amounts that each story contributes to the building expected 

annual loss and Fig. 7.5b provides the contribution of each story to the expected annual loss as a 

percentage of the non-collapse expected annual loss. As can be seen from both graphs the major 

contributors to the expected annual loss are losses estimated in the third, fourth and fifth stories 

followed by the second story. Information such as what presented in Fig. 7.5 can be used by the 

structural engineer to clearly communicate with the building owner and recommends efficient 

retrofitting strategies for seismic risk mitigation in a building. For example, for the case study 
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building the structural engineer may suggest a retrofitting strategy that is more concentrated on 

strengthening the intermediate stories of the building in order to decrease the losses in these 

stories. 
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Fig. 7.5. Disaggregation of the non-collapse expected annual loss to losses estimated at different stories 

of the case study building; (a) bar chart representation, (b) pie chart representation. 

7.2.1.4. Disaggregation of the non-collapse expected annual loss into its contribution 

from loss estimated for different component categories 

The non-collapse expected annual loss, E[LT | NC], can also be disaggregated into its 

contribution from loss estimated for different component categories (e.g. loss from structural 

components, loss from non-structural components, etc.) using Eqs. (7.4) and (7.5) and replacing 

terms E[LS | NC], E[LS | NC, IM], and Ns with the non-collapse expected loss corresponding to a 

component category (E[LC | NC]), non-collapse expected loss corresponding to a component 

category conditioned on IM (E[LC | NC, IM]), and the number of components in that component 

category in the building, Nc, respectively. 

Fig. 7.6a presents disaggregation of the non-collapse expected annual loss into its 

contribution of the loss estimated for different component categories in the case study building. 

Three component categories were considered in the case study building; structural components 

(ST), drift-sensitive non-structural components (ND), and acceleration-sensitive non-structural 

components (NA). As can be seen in the figure, loss estimated for drift-sensitive non-structural 

components significantly dominates the non-collapse expected annual loss. Information such as 

(a) (b) 
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what presented in Fig. 7.6 can be extremely useful in adopting a seismic risk hazard mitigation 

strategy in a building. For example, for the case study building, a risk mitigation strategy needs 

to be adopted that significantly decreases the contribution of losses from nonstructural 

components into the building loss. 
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Fig. 7.6. (a) Disaggregation of the non-collapse expected annual loss to losses estimated from structural 

components (ST), drift-sensitive non-structural components (ND), and acceleration-sensitive non-structural 

components (NA); (b) Disaggregation of the expected annual loss to losses estimated at each story and from 

ST components, ND components, and NA components. 

Disaggregation of the expected annual loss into its contribution by different component 

categories can be combined with the disaggregation of the expected annual loss into its 

contribution by losses estimated at different stories. Fig. 7.6b presents an example of such 

combination for the case study building. Information provided in this figure provides more 

detailed information on the type and location of the components that significantly contribute to 

the building losses. Such information may be used by either the stakeholders of a building or 

structural engineers to come up with retrofitting strategies for the building. For example, for the 

case study building, as can be seen in Figs. 7.6b, losses estimated for drift-sensitive non-

structural components located in the second, third, fourth, and fifth stories are the main 

contributors to the total building expected annual loss. Therefore, a seismic hazard mitigation 

strategy should be adopted that is more concentrated on upgrading the building in a way such 

that the damage to non-structural drift-sensitive components in the second, third, fourth and fifth 

stories is minimized.  

(a) (b) 
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7.2.1.5. Disaggregation of the non-collapse expected annual loss for each 

component category 

Non-collapse expected annual loss estimated for each component category can be further 

disaggregated into its contribution from losses estimated for different component groups within 

the component category. For example, the non-collapse expected annual loss estimated for 

nonstructural drift-sensitive component category in the cases study building can be disaggregated 

to its contribution from losses in partitions, windows, etc. Contribution of losses from each 

component group to the non-collapse expected annual loss of a component category can be 

estimated by replacing terms E[LS | NC], E[LS | NC, IM], and Ns with the non-collapse expected 

loss corresponding to a component group (E[LG | NC]), non-collapse expected loss corresponding 

to a component group conditioned on IM (E[LG | NC, IM]), and the number of components in that 

component group, NG, respectively. 

Figs. 7.7a, 7.8a,show examples of disaggregation of the expected annual loss for different 

component categories in the cases study building into it contribution by different component 

groups within each component categories. Fig. 7.7a presents disaggregation results for structural 

components. Three component groups were considered in the structural component category of 

the case study building; slab-column connections, columns, and beam-column connections. As 

can be seen in the figure, losses estimated for slab-column connections are the major contributors 

to the expected annual loss estimated for the structural component category in the case study 

building. Results shown in Fig. 7.7a can be further disaggregated into their contribution at 

different stories in the building as shown in Fig. 7.7b. As can be seen in the figure slab-column 

connections located in the roof levels of second, third, fourth and fifth stories (third, fourth, fifth, 

and sixth floor levels) mainly contribute to the non-collapse expected annual loss estimated for 

structural components. 

Figs. 7.8a presents disaggregation results for the contribution of four component groups 

within the non-structural drift-sensitive component category in the case study building. Two 

important observations can be made from the figure. First, the main contribution to the loss stems 

from the components in the partitions group. Therefore, an efficient hazard mitigation strategy 

for the building should mainly involve minimization of damage to the components within the 

partitions group. Second, contribution of the windows to the loss is insignificant which requires a 

more careful investigation on this component group to make sure that the results are reliable. It 

was found that the main reason that the contribution of losses from windows is small is because 

the fragility function used for windows were developed for a certain type of window that does 

not experience severe damage until very large levels of lateral deformation. Information  such  as  
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Fig. 7.7. (a) Disaggregation of the non-collapse expected annual loss for structural components into 

losses estimated at each group of structural components; (b) Disaggregation of the non-collapse expected 

annual loss for structural components into losses estimated at each story and for each type of structural 

component group. 
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Fig. 7.8. (a) Disaggregation of the non-collapse expected annual loss from drift-sensitive non-structural 

components into losses estimated at each component group; windows (W) , partitions (P), DS3 partitions 

(DS3 P), and generic drift-sensitive components (GD); (b) Further disaggregation of 7.7a into losses 

estimated at each story of the case study building. 

those presented for windows disaggregation can become extremely useful for reality check of the 

outcomes of building loss estimation. 

(a) 
(b) 

(a) 
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The results shown in Fig. 7.8a can be further disaggregated into its contribution from loss 

estimated at different stories as shown in Fig. 7.8b. As can be seen in the figure, partition group 

in second, third, fourth and fifth stories are the main contributors to the non-collapse expected 

annual loss for drift-sensitive non-structural component category. 

7.2.2. Disaggregation of the expected loss conditioned on the ground 

motion intensity 

The expected loss conditioned on the ground motion intensity, E[LT|IM], can be 

disaggregated into its contribution by different factors using a similar approach used for expected 

annual loss disaggregation. Disaggregation of the E[LT|IM] provides information on the 

contribution of different factors to the building loss when the intensity of the ground motion is 

known. For example, disaggregation of E[LT|IM] can provide information on how losses from 

non-collapse and collapse cases contribute to the building expected loss for an earthquake with a 

similar level of intensity to that of the 1994 Northridge earthquake. Such information can be used 

both for adopting certain risk mitigation strategies and for reality check of the outcomes of the 

loss estimation methodology by comparing those results with what happened during past 

earthquakes. The following cases of disaggregation of E[LT|IM] are presented here: 

- Disaggregation to non-collapse and collapse losses 

- Disaggregation of non-collapse losses to losses estimated at different stories  

- Disaggregation of non-collapse losses to losses estimated for each component 

category.  

7.2.2.1. Disaggregation of the expected loss conditioned on IM into its contribution 

from non-collapse and collapse cases 

Contribution of non-collapse and collapse losses to E[LT|IM] can be computed as follows 

[ ] [ ] ( )IMNCPIMNCLEIMLE TncT |,|| =            (7.6) 

[ ] [ ] ( )IMCPCLEIMLE TcT ||| =      (7.7) 

where E[LT|IM]nc is the portion of the E[LT|IM] estimated from non-collapse cases, and E[LT|IM]c 

is the portion of the E[LT|IM] estimated from collapse cases. Terms shown on the right hand side 

of Eqs. (7.6) and (7.7) are explained in chapter 6.  

Figure 7.9a shows disaggregation of E[LT|IM] into its contribution by non-collapse and 

collapse cases in the case study building. As can be seen in the figure, at small levels of intensity, 

elastic spectral displacements smaller than 20 cm, the losses from non-collapse cases contribute 
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significantly to the E[LT|IM]. Also shown in the figure, are the levels of intensity corresponding 

to the 1971 San Fernando earthquake and 1994 Northridge earthquake in the building. As can be 

seen in the figure, for the San Fernando earthquake, almost all the losses come from the non-

collapse cases, whereas for the Northridge earthquake, losses from non-collapse cases is only 

30% of the total loss. 

As explained earlier the contribution of non-collapse losses to the building expected loss 

becomes even more significant for the case of ductile building. For example, if the original 

probability of collapse of the case study building (shown in Fig. 6.12) is replaced with the 

probability of collapse for a more ductile building such as the one presented in Fig. 6.13a, the 

contribution of the non-collapse losses to the E[LT|IM] will significantly increase as can be seen 

in Fig. 7.9b. 
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Fig. 7.9. (a) Disaggregation of the expected loss at different levels of ground motion intensity, E[LT|IM], 

to collapse and non-collapse losses; (b) Effects of delaying collapse on the contribution of collapse and non-

collapse losses to E[LT|IM]. 

7.2.2.2. Disaggregation of the non-collapse expected loss conditioned on IM into its 

contribution from loss estimated at different stories 

Non-collapse expected loss estimated at different levels of ground motion intensity, 

E[LT|NC,IM], can be disaggregated into its contribution by expected losses estimated at different 

stories of the building using Eq. (7.5). Fig. 7.10 presents an example of disaggregation of the 

non-collapse expected loss conditioned on the level of ground motion intensity computed for the 

(a) (b) 
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case study building. Each section on the figure between the two black lines is the expected loss 

estimated for each of the stories in the case study building at different levels of ground motion 

intensity. As can be seen in the figure for levels of intensity smaller than 20 cm, the contribution 

of the losses from the bottom three stories are significant. As the level of intensity increases to 

more than 20 cm, contribution of the loss estimated at the fourth and fifth stories increases. 
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Fig. 7.10. Disaggregation of the expected loss at different levels of ground motion intensity, IM, into 

losses estimated at each story of the case study building. 

7.2.2.3. Disaggregation of the non-collapse expected loss conditioned on IM into its 

contribution from loss estimated for different component categories 

Disaggregation of the non-collapse expected loss conditioned on the level of ground motion 

intensity into its contribution from loss estimated for different component categories can be 

performed by replacing terms E[LS | NC, IM], and Ns in Eq. (7.5) with E[LC | NC, IM], and Nc, 

respectively. 

Fig. 7.11 presents disaggregation results for the non-collapse expected loss at different levels 

of ground motion intensity estimated for the case study building. Losses have been disaggregated 

into three component categories; structural components, non-structural drift-sensitive 

components, and non-structural acceleration-sensitive components. It can be seen from the figure 

that at intensity levels smaller than 7 cm, only the nonstructural drift-sensitive components are 

contributing to the expected loss and loss from the other two component categories are 

insignificant. Losses from nonstructural acceleration-sensitive components initiate at around 7 
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cm and structural component losses start at around 10 cm of elastic spectral displacement. Also 

shown in the figure are intensity levels corresponding to 1971 San Fernando and 1994 

Northridge earthquakes. As can be seen in the figure, results from loss disaggregation show that 

during San-Fernando earthquake the building loss on average would be mainly from 

nonstructural components, while during Northridge earthquake it is expected to see damage both 

in nonstructural and structural components. These results agree with damage evaluation studies 

performed after the occurrence of San Fernando and Northridge earthquakes (see for example 

John A. Blume & Associates, 1973; and Islam, 1996).  
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Fig. 7.11. Disaggregation of the expected loss at different levels of ground motion intensity, IM, to losses 

estimated from structural components, drift-sensitive non-structural components, and acceleration-sensitive 

non-structural components. 

7.3 Disaggregation of the Mean Annual Frequency of Exceedance 
of Loss 

Disaggregation of the mean annual frequency of loss exceeding a certain level in a building, 

ν(LT>lt), which is also referred to as building loss curve, can become very complicated, since 

losses in individual components are mutually correlated. Specifically, in this study losses 

between individual components were assumed to be correlated at three levels as explained in 

chapter 6; response level, damage level and repair/replacement cost level. Consequently, a simple 
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procedure of disaggregation of the building loss curve can only be implemented for the following 

cases: 

 Loss at various levels of ground motion intensity 

 Non-collapse and collapse losses 

Disaggregation of ν (LT>lt) into its contribution by losses estimated at different stories of a 

building or by losses estimated at different component categories, requires a more advanced 

disaggregation procedure which is a matter of future research and is further discussed in chapter 

10.  

7.3.1. Disaggregation of the building loss curve into its contribution at 

different levels of intensity 

Contribution of the losses estimated at different levels of ground motion intensity into 

building loss curve can be computed as follows 

( ) ( ) ( ) | IMIMlLPlL tTimtT νν Δ>=>    (7.8) 

Fig. 7.12 presents the results using Eq. (7.21) to the case study building, for three levels of 

loss,  $ 1M,  $ 4M,  and $ 10M.  Fig.  7.12a  shows  the  mean  annual  frequency  of  exceedance  
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Fig. 7.12. Disaggregation of the mean annual frequency of exceedance of the building loss at $ 1 M, $ 4 

M, and $ 10 M to losses estimate at different levels of ground motion intensity; (a) mean annual frequency of 

exceedance of loss, (b) mean annul frequency of exceedance of loss normalized by the total mean annual 

frequency of exceedance of loss at $1 M, $ 4M, and $ 10M. 

( ) ( )IMIMlLP tT νΔ> | ( ) ( ) ( )tTtT lLIMIMlLP >Δ> νν /|

(a) (b) 



Chapter 7  Loss disaggregation 219

estimated at each level of ground motion intensity, while Fig. 7.12b presents the contribution of 

mean annual frequency of exceedance by normalizing the values shown in Fig. 7.12a to the total 

mean annual frequency of exceeding a certain level of loss. As can be seen in the figure, one can 

capture the mean annual frequency of exceedance of the loss by considering the losses estimated 

at ground motion intensities between 5 cm and 50 cm of elastic spectral displacement. This 

observation is very useful in order to develop simplified approaches to estimate the building loss 

curve. 

7.3.2. Disaggregation of building loss curve into its contribution by non-

collapse and collapse cases 

Contribution of non-collapse losses into ν(LT>lt) can be computed as follows 

( ) ( ) ( )   
  

  ∫
∞

>=>
0

| dIM
dIM

IMdIMlLPlL nctTnctT
νν           (7.9) 

where ( )nctT IMlLP |>  can be computed as 

( ) ( ) ( )IMNCPIMNClLPIMlLP tTnctT |,|| >=>           (7.10) 

where terms on the right hand side of Eq. (7.10) were explained in chapter 6. 

Similarly, contribution of losses from collapse cases to ν(LT>lt) can be computed as follows 

( ) ( ) ( )   
  

  ∫
∞

>=>
0

| dIM
dIM

IMdIMlLPlL ctTctT
νν              (7.11) 

where  

( ) ( ) ( )IMCPClLPIMlLP tTctT ||| >=>     (7.12) 

where terms on the right hand side of Eq. (7.12) were explained in chapter 6. 

Fig. 7.13 shows the building loss curves computed for non-collapse and collapse cases for 

the case study building together with the total building loss curve, shown with a thick black 

curve. As can be seen in the figure, for losses less than $ 3 M, the contribution of the non-

collapse losses to the mean annual frequency of exceedance of the building loss is more than the 

contribution of collapse losses. At less frequent losses, however, the collapse losses contribute 

more to mean annual frequency of exceedance of the building loss. For a given level of building 

loss on the abscissa of Fig. 7.13, a pie chart can be provided that presents the contribution of 

collapse and non-collapse losses to the mean annual frequency of exceeding that level of loss. 



Chapter 7  Loss disaggregation 220

Fig. 7.14 presents three of these pie charts for $ 1M, $ 4M and $ 10M losses. Values shown on 

the charts are the mean annual frequency of collapse and non-collapse losses normalized by the 

total mean annual frequency of exceeding those levels of loss. As can be seen in the figure as the 

level of building loss increases the contribution of non-collapse losses to the mean annual 

frequency of exceedance of the building loss decreases. For example, for $ 1M loss, Fig. 7.14a, 

the contribution of non-collapse losses to the mean annual frequency of exceedance of the 

building loss is 71%, whereas at $ 10M loss, Fig. 7.14c, this contribution significantly decreases, 

less than 1%, since it is much less likely to experience such a loss from non-collapse cases in the 

building. Information such as what presented in Figs. 7.13 and 7.14 can be very useful for those 

decision makers that are interested in more sophisticated measures of economic losses when 

performing decision analysis for seismic risk mitigation. 
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Fig. 7.13. Disaggregation of the mean annual frequency of exceedance of the building loss to mean 

annual frequencies estimated from non-collapse and collapse losses. 
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Fig. 7.14. Disaggregation of the mean annual frequency of exceedance of the building loss at three levels 

to non-collapse and collapse losses; (a) $ 1 M, (b) $ 4 M, (c) $ 10 M. 

(a). ν(LT> $1M): (b). ν(LT> $4M): (c). ν(LT> $10M): 



Chapter 8  Assessment and propagation of modeling … 221

C h a p t e r  8  

ASSESSMENT AND PROPAGATION OF 
MODELING UNCERTAINTY IN LOSS 

ESTIMATION 

8.1 Introduction 

The PEER framework equation presented in chapter 2 and the loss estimation methodology 

developed in chapter 6 take into account five major sources of uncertainty. The first source is the 

variability corresponding to the ground motion intensity measure at the site caused by the 

variability in the seismic hazard characteristics such as earthquake magnitude and source-to-site 

distance. This source of variability was taken into account by using the results from a site-

specific probabilistic seismic hazard analysis. The second source of variability corresponds to the 

structural response parameter and is caused by the variability in different seismic loadings 

applied to the structure. This source of variability, which is called record-to-record variability, 

was incorporated in the methodology by performing a series of nonlinear response history 

analyses of the structural model of a building. The third source of variability involves the 

variability associated with the damage experienced by structural and nonstructural components in 

the building and is caused by the fact that different specimens of a component experience a 

damage state at different levels of deformation. This source of variability which is called 

specimen-to-specimen variability was incorporated in the methodology by developing 

component-specific fragility functions. The fourth source of variability is the variability in the 

economic losses incurred at each component due to the variability in the cost of repair or 

replacement of that component and was incorporated in the methodology by developing loss 

functions. The last source of variability involves the variability corresponding to the occurrence 

of the collapse in the building. This variability was incorporated by developing a collapse 
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fragility function of the building as a function of the ground motion intensity measure which 

takes into account two modes of global collapse; collapse triggered by the sidesway instability of 

the structure and collapse triggered by the loss of vertical carrying at structural components. 

Although the loss estimation methodology proposed in chapter 6, incorporates the above 

sources of variability, it does not take into account the modeling (epistemic) uncertainty 

associated with each of the above sources. For example, although the variability in the structural 

response caused by the variability in the seismic loading has been incorporated in the 

methodology, the effects of using different sets of earthquake ground motions when performing 

response history analyses on the statistical parameters of the structural response have not been 

taken into account. Similarly, the effects of making different modeling assumptions when 

developing the structural model of the building to be used in response history analyses on the 

statistical parameters of the structural response have not been taken into account.  

Various research studies have looked into the effects of modeling uncertainty on the 

estimation of different measures of seismic performance. Baker and Cornell (2003) developed a 

formulation to incorporate epistemic uncertainty when conducting loss estimation using a first-

order second moment method. In their approach, the epistemic uncertainty in the ground motion 

hazard and in the structural response has mathematically been propagated to the expected loss 

and the variance of the loss. Jalayer and Cornell (2003) have studied the effects of modeling 

uncertainty on the annual frequency of exceeding certain levels of maximum interstory drift ratio 

in building structures. 

In this study the following sources of modeling uncertainty are investigated: modeling 

uncertainty corresponding to the seismic hazard at the site, modeling uncertainty corresponding 

to the probabilistic response assessment of the building, modeling uncertainty corresponding to 

the component-specific fragility functions, modeling uncertainty corresponding to the loss 

functions, and modeling uncertainty corresponding to the probability of experiencing collapse in 

a building. Evaluation of the modeling uncertainty at each source is performed by developing 

confidence intervals on the statistical parameters of the random variable that corresponds to that 

source. The confidence interval provides an interval estimate on a parameter as opposed to the 

point estimates, Benjamin and Cornell (1970). The statement of an interval estimate on each 

source of uncertainty serve to emphasize that the value of the statistical parameters used in the 

loss estimation methodology are not known precisely and to quantify the magnitude of that 

uncertainty. Once the modeling uncertainty corresponding to various probability parameters in 

the loss estimation methodology are quantified the effects of some of these sources of modeling 

uncertainty on the expected annual loss are investigated. It should be noted that the results of 
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modeling uncertainty are presented for the expected loss of the building and not the mean annual 

frequency of exceedance of the building loss. This is mainly because preliminary investigations 

show that accounting for various sources of modeling uncertainty and their interactions when 

estimating the mean annual frequency of exceedance of the building loss becomes extremely 

complicated and leads to significantly intensive computational efforts that is beyond the scope of 

this study and is a matter of further future research. 

8.2 Modeling Uncertainty in the Seismic Hazard 

The standard formulation of probabilistic seismic hazard calculates a frequency of 

exceedance, ν, of ground motion intensity, IM, as follows  

( ) ( ) ( ) ( ) [ ]∑ ∫ ∫∫
=

>=
N

i M R

wRwMi

wi i i

iiwi
dmdrdrmimIMPfrfmfIM

1

,,|
ε

ε εεενν        (8.1) 

where N is the number of potential earthquake sources, each of which has a mean rate of 

threshold magnitude exceedance of νi, with a magnitude of Mwi = mw, and a source-to-site 

distance, Ri = r. ε is the ground motion randomness and is defined as the number of logarithmic 

standard deviations by which the logarithmic ground motion intensity deviates from the median 

ground motion intensity computed from an attenuation relationship (McGuire, 1995), ( )wM mf
wi

 

and ( )rf
iR , ( )εε i

f  are probability density functions for the earthquake magnitude, source-to-site 

distance, and ε, respectively, and [ ]ε,,| rmimIMP w>  is the probability of the ground motion 

intensity IM exceeding im, conditioned on mw,r and ε, and can simply be computed with the 

Heaviside step function as explained in McGuire (1995). 

Modeling uncertainty in a probabilistic seismic hazard analysis using Eq. (8.1) stems from 

the following sources; (1) uncertainty corresponding to different assumptions on the probability 

density functions of ( )wM mf
wi

 and ( )rf
iR , (2) uncertainty corresponding to the use of different 

attenuation relationships which has been computed from different ground motion databases, 

(Toro et al., 1997). A detailed study on the effects of modeling uncertainty in probabilistic 

seismic hazard analysis requires investigation on different probability density functions for 

earthquake magnitude and distance, and investigation on various attenuation relationships 

(Abrahamson, 2000). In this study, a simplified approach which is explained in Jalayer and 

Cornell (2003) was adopted. Fig. 8.1 presents the effects of modeling uncertainty on the mean 
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annual frequency of exceedance of the ground motion intensity at the site where the case study 

building is located. 

ν ( IM )
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Fig. 8.1. Effects of modeling uncertainty on the mean annual frequency of exceedance of the ground 

motion intensity at the site of the case study building. 

8.3 Modeling Uncertainty in the Structural Response 

As explained in chapter 3, a procedure has been proposed for a probabilistic seismic response 

assessment in a building using the results from a series of nonlinear response history analyses 

performed on a structural model of the building. The proposed procedure takes into account the 

variations in the structural response caused from the variability in different earthquake ground 

motions applied to the building, which is referred to as record-to-record variability. Fig. 8.2 

shows record-to-record variability of the peak interstory drift ratio, IDR, at various stories of the 

case study building when the level of ground motion intensity is Sd = 30 cm. The black line in the 

figure shows the variations in the median interstory drift ratio, IDR , along the building height. 

As can be seen in the figure record-to-record variability introduces significant variation to the 

peak interstory drift ratio. For example, IDR5, varies from 1.3% to 6% as a result of record-to-

record variability. 

The variability shown in Fig. 8.2 was estimated when using a specific set of ground motions, 

79 ground motions (please see Appendix B for a list of ground motions used in this study), and a 

specific structural model of the building. However, one can use another set of ground motions or 

a different structural model of the building when estimating record-to-record variability of the 
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structural response. Therefore, in addition to record-to-record variability, the effects of two 

sources of modeling (epistemic) uncertainty on the probabilistic estimation of the structural 

response need to be investigated. The first source of modeling uncertainty stems from the finite 

number of ground motions being used in the non-linear response history analyses. The second 

source of epistemic uncertainty stems from the fact that different modeling assumptions can be 

made in developing the structural model of a building.  
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Fig. 8.2. Record-to-record variability in the interstory drift ratio, IDR, estimated at different stories of the 

case study building. 

8.3.1 Finite number of response history analyses 

In order to perform probabilistic seismic response assessment, a database of earthquake 

ground motions is required. The size of this database introduces a modeling uncertainty to the 

procedure which can be evaluated by estimating the confidence intervals on the statistical 

parameters of the structural response, namely median and logarithmic standard deviation of the 

engineering demand parameter, EDP, as a function of the size of the ground motion database. 

Estimation of the confidence band of the structural response can be performed using different 

methods. One method is to use conventional statistical approaches to estimate the confidence 

interval (Crow et al., 1960; Benjamin and Cornell, 1970). Another more generic approach of 

finding confidence intervals is to use re-sampling techniques, such as bootstrap statistics (Efron 

and Tibshirani, 1993). 
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In this study, the effects of two sources of modeling uncertainty on the structural response, 

namely uncertainty from the finite number of ground motions and uncertainty from various 

structural modeling assumptions have been investigated by implementing a bootstrap statistical 

procedure. In order to estimate the confidence interval of a statistical parameter using bootstrap 

technique, realizations of the statistical parameter is estimated by performing an iterative 

sampling in which replacement is allowed. For example, if one is interested in confidence 

interval of the median of a random variable that has 5 realizations of {6, 5, 8, 2, 1}, the following 

steps should be performed. First, a sample that contains 5 realizations of the random variable 

should be drawn from the original sample while replacement is allowed. For example one 

possible sampling from {1, 3, 5, 6, 7}, can be {1, 3, 5, 5, 3}. In the next step the median of the 

sample drawn in the first step is computed. These two steps should be repeated for more than 

1000 times in order to come up with a sample of median values that can be used to build an 

empirical probability distribution function for the median. Finally, the confidence interval of the 

median can be assessed as a function of the percentiles estimated from the empirical probability 

distribution. 

Bootstrap technique has been implemented to estimate the 90% confidence band on the median 

and logarithmic standard deviation of the interstory drift ratio and peak floor acceleration at 

different locations of the case study building. The results from bootstrap analyses provided a 

lower and upper confidence limit for the median and logarithmic standard deviation of the 

structural response. These confidence limits can be used to build an envelop on the conditional 

probability of the structural response at a given ground motion intensity, P(EDP|IM). The 

envelop on P(EDP|IM) provides a quantitative measure for the effects of modeling uncertainty 

stemmed from the finite number of ground motions, on the conditional probability distribution of 

the structural response. 

Fig. 8.3 presents the envelops on the conditional probability distribution of the structural 

response for interstory drift ratio at 1st, 4th, and 7th stories of the case study building and at two 

levels of ground motion intensity, Sd = 5cm and Sd = 40 cm that corresponds to the effects of 

modeling uncertainty from a finite number of ground motions. As can be seen in the figure the 

effects of this source of uncertainty are significantly smaller than the effects of record-to-record 

variability. For example, for interstory drift ratio at the fourth story, IDR4, and at 40 cm elastic 

spectral displacement, IDR4 can change from 4% to 5% because of using finite number of ground 

motions at 90% probability level, whereas record-to-record variability induces variations from 

1.2% to 8% on IDR4. Fig. 8.4 shows the effects of modeling uncertainty from the use of a finite 

number of ground motions on the conditional probability of the peak floor acceleration at 2nd, 5th, 
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Fig. 8.3. Effects of epistemic uncertainty stemmed from the limited number of ground motions on the 

probability of the structural response at a give ground motion intensity, P(EDP|IM), for interstory drift ratio at 

1st,4th and 7th stories of the case study building at Sd = 5cm and Sd = 40 cm. 
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Fig. 8.4. Effects of epistemic uncertainty stemmed from the limited number of ground motions on the 

probability of the structural response at a give ground motion intensity, P(EDP|IM), for peak floor 

acceleration at 2nd ,5th and 8th levels of the case study building at Sd = 5cm and Sd = 40 cm. 
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Fig. 8.5. Variations of the 90% confidence interval of the statistical parameters of the structural response 

with changes in the number of ground motions; (a) median interstory drift ratio at first story, IDR1, (b) 

logarithmic standard deviation of IDR1. 

and roof of the case study building at 5 cm and 40 cm spectral displacements. Similar to Fig. 8.3, 

it can be observed that the effects of finite number of ground motions modeling uncertainty are 

significantly smaller than the effects of record-to-record variability.  

One reason that the effects of modeling uncertainty from the limited number of ground 

motions are low compared to the record-to-record variability stems from the fact that a relatively 

large database of ground motions, 79 accelerograms, has been used for probabilistic response 

assessment. In other words, as the number of ground motions used in the response assessment 

decreases the confidence band of the median and dispersion of the structural response increases. 

An example of such an increase is presented in Fig. 8.5 that shows the variations of 90% 

confidence interval of counted median and logarithmic standard deviation of the interstory drift 

ratio at first story, IDR1, when the ground motion intensity is equal to 40 cm of elastic spectral 

displacement, Sd = 40 cm, with changes in the number of ground motions used for response 

assessment in the case study building. As can be seen in the figure the confidence interval 

decreases as the number of ground motions increases. In other words, if one uses a small number 

of ground motions in probabilistic response assessment, for example, 20 ground motions, the 

confidence band on median structural response and on the logarithmic standard deviation of the 

structural response can become significantly larger than the confidence band when 79 ground 

motions are used. This increase in the confidence intervals of the statistical parameters of the 

(a) (b) 
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structural response leads to an increase in the confidence intervals of the probability of EDP 

conditioned on IM.  Therefore, it is strongly recommended that after performing a probabilistic 

response assessment, the effects of modeling uncertainty caused by the finite number of ground 

motions, on the conditional probability of the structural response be compared to the record-to-

record variability, since for small number of ground motions the effects of this source of 

uncertainty on the estimation of the structural response can become more significant. 

As can be seen in Fig. 8.5a the confidence band of median interstory drift ratio does not 

change after a certain level of ground motion, 40 ground motions. This is mainly because we are 

conducting bootstrap on a means that in order to capture the 90% confidence band on the median 

interstory drift ratio at first story, using 40 ground motions will be the same as using more than 

40 ground motions. However, the rate of decrease in the confidence band with the increase in the 

number of ground motions is faster for the median response compared to that of the logarithmic 

standard deviation as can be understood by comparing the slope of the confidence band curves in 

Figs. 8.5a and 8.5b. Therefore, if one is interested in estimating the logarithmic standard 

deviation of the response within a certain level of accuracy more number of ground motions is 

required compared to the number of ground motions required to capture the median response 

with the same level of accuracy. 

Information such as those presented in Fig. 8.5, can be used to optimize the required number 

of structural response simulations to capture various statistical parameters of the structural 

response within a certain level of accuracy and can lead to considerable decrease in the runtime 

of the nonlinear response history analyses (Aslani and Miranda, 2004b). The following section 

provides a summary of the results of statistical analyses performed in order to respond to two 

questions: (1) how many response history analyses (RHA’s) is required to estimate the 

probability parameters of the structural response? and (2) how many RHA’s is required to 

estimate the building loss? 

8.3.1.1 Required number of response history analyses for loss estimation 

Determination of sample size, the number of Response History Analyses (RHA’s), for a 

specific probability parameter can be performed using two approaches. In the first approach, the 

sample size is determined using Operating-Characteristic curves that are curves that show the 

variations of two types of statistical errors, namely Type I and Type II errors, in estimating the 

statistical measure of interest as a function of the sample size (Crow et al., 1960). Type I error, is 

the probability of rejection of the null hypothesis that a certain sample size is capable of 

estimating the statistical parameter, when it is true. Type I error is often called the level of 
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significance and is denoted with α. Typical values of α being used in statistics are 0.1, 0.05, and 

0.01. Type II error, is the probability of accepting the null hypothesis that a certain sample size is 

capable of estimating the statistical parameter, when it is false. Type II error is usually denoted 

with β and its value depends on the type of the undergoing investigation or experimental study. 

To determine the sample size using the first approach it is required to have a reasonable estimate 

on these two types of error (specially the second type), which makes the approach less attractive.  

The second approach is to estimate the sample size by specifying the desirable length of the 

(1- α) % confidence interval of the statistical parameter of interest. For example, to determine the 

sample size such that 95% confidence intervals of the logarithmic standard deviation of the 

sample are within %10±  of the logarithmic standard deviation estimated from the population. 

This desirable length of the (1- α) % confidence interval can be interpreted as the relative error 

that one would be willing to accept in estimating the statistical measure. Therefore, the second 

approach sounds more appealing in the sense that one can make assumptions on what would be 

the desirable confidence interval as a function of the level of acceptable error and determine the 

sample size as a function of the acceptable error. 

In this study the second approach, with 90% confidence level, is used to determine the 

required number of RHA’s to estimate two statistical parameters of the structural response, EDP, 

and one statistical parameter of the building loss. The required number of RHA’s are determined 

for the estimation of the median, EDP , and logarithmic standard deviation, EDPLn σ , of two 

engineering demand parameters, namely interstory drift ratio, and peak floor acceleration, at a 

given level of ground motion intensity, IM. Two levels of ground motion intensity, Sd = 5 cm , 

and Sd = 40 cm, are considered in order to investigate if the number of RHA’s to estimate median 

and logarithmic standard deviation of the structural response, varies with the level of ground 

motion intensity. The required number of RHA’s determined to estimate the statistical 

parameters of the structural response is compared to the required number of RHA’s to estimate 

the expected loss of the building conditioned on non-collapse and level of ground motion 

intensity, E[LT| NC, IM] in order to optimize the number of response simulations for the purpose 

of loss estimation. 

Re-sampling techniques (sampling without replacement) were used to estimate 90% 

confidence intervals of each of the above statistical parameters, median and logarithmic standard 

deviation of the structural response, and non-collapse expected loss of the building conditioned 

on IM, mainly because not in all cases the underlying probability distribution of the parameter 

were normal such that closed form confidence bands (Crow et al., 1960) from parametric studies 
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can be used. The procedure used to estimate the 90% confidence intervals of each probability 

parameter is as follows: 

1. Randomly select ng =5 ground motions from the 79 suite of ground motions. 

2. Estimate the probability parameter of interest using the results from the RHA’s of the 

selected ground motions in the previous step. 

3. Repeat steps 1 and 2 for 2000 times to obtain the frequency distribution of the probability 

parameter. 

4. Estimate the 90% confidence interval of the probability parameter by computing the 5th 

and 95th percentiles of the frequency distribution estimated in the previous step. 

5. Repeat steps 1 through 4 for ng = 15, 25, 35, 45, 55, 65, and 75 ground motions. 

Fig. 8.6 shows variations of the 90% confidence interval of the median interstory drift ratio 

in the first story, IDR1, and of the median peak floor acceleration at the roof level, PFA8, with 

changes in number of RHA’s, changes in ng, at two levels of ground motion intensity, Sd = 5 cm, 

and Sd = 40 cm, using the above 5-step algorithm. In each graph, the ordinate is the median 

response, .estEDP , estimated using ng ground motions, normalized by the “exact” median, 

exactEDP , estimated when all ground motions were used. Therefore, the ordinate shows a 

measure of relative error between the estimated median and the “exact” median. As can be seen 

in Figs. 8.6a and 8.6b the required number of RHA’s to estimate the median interstory drift ratio 

increases as the level of ground motion intensity increases. For example, while less than 10 

RHA’s are required to capture the median drift at Sd = 5 cm, with %10±  error, around 35 RHA’s 

are required to capture median drift at Sd = 40 cm, with the same level of relative error. However, 

for the case of peak roof acceleration, the required number of RHA’s to estimate the median 

value, decreases as the level of ground motion intensity increases. For example, for a relative 

error of %10± , around 30 RHA’s are required to estimate median PFA8, at Sd = 5 cm, while at   

Sd = 40 cm, less than 10 RHA’s would be adequate to capture a median peak roof acceleration 

within %10±  of the exact median PFA8. 

Fig. 8.7 presents the changes in the 90% confidence intervals of the logarithmic standard 

deviation of IDR1, and PFA8, at Sd = 5 cm and Sd = 40 cm, with increasing number of response 

history analyses. The ordinate of the graphs are the estimated logarithmic standard deviation, 

. estEDPLnσ  , when ng ground motions are used, normalized by the “exact” logarithmic standard 

deviation, 
exactEDPLn σ , estimated using the  results of all RHA’s. As can be seen in the figure, the 

confidence bands are significantly larger than the confidence bands of the median structural 

response. Therefore, it can be concluded that for  a  certain  level  of  relative  error,  the  required  
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Fig. 8.6. Variations of the 90% confidence interval with number of response history analyses (RHA’s) 

for (a) median interstory drift ratio at first story, IDR1, at Sd = 5 cm, (b) median IDR1 at Sd = 40 cm, (c) 

median peak roof acceleration, PFA8, at Sd = 5 cm, (d) median PFA8 at Sd = 40 cm. 

number of RHA’s to estimate the dispersion of the structural response is larger than the required 

number of RHA’s to estimate the median structural response. Furthermore, the required number 

of ground motions to estimate the dispersion of the response does not change significantly as a 

function of the level of ground motion intensity. For example, for a %10±  relative error, 65 

ground motions is required to estimate the logarithmic standard deviation of IDR1 at Sd = 5cm, 55 

ground motions is required to estimate the logarithmic standard  deviation  of IDR1 at Sd = 40 cm,  

(a) (b) 

(c) (d) 
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Fig. 8.7. Variations of the 90% confidence interval with number of response history analyses (RHA’s) 

for (a) logarithmic standard deviation of the interstory drift ratio at first story, IDR1, at Sd = 5 cm, (b) 

logarithmic standard deviation of the IDR1 at Sd = 40 cm, (c) logarithmic standard deviation of the peak roof 

acceleration, PFA8, at Sd = 5 cm, (d) logarithmic standard deviation of the PFA8 at Sd = 40 cm. 

55 ground motions is required to estimate the logarithmic standard deviation of PFA8 at Sd = 5 

cm, and 50 ground motions is require to estimate the logarithmic standard deviation of PFA8 at 

Sd = 40 cm.  

Variations in the 90% confidence interval for building expected loss when collapse has not 

occurred in the building, E[LT | NC, IM], and at two levels of ground motion intensity, Sd = 5 cm, 

(a) (b) 

(c) (d) 
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and Sd = 40 cm, with changes in the number of response history analyses are shown in Fig. 8.8. 

The ordinates in Figs. 8.8a and b correspond to the estimated expected loss in the building,            

E[LT | NC, IM]est., normalized by the “exact” value of the building expected loss, E[LT | NC, 

IM]exact, which is computed using all 79 RHA’s. It should be noted that preparing figures like  

Fig. 8.8, requires a significant level of computational efforts. For example each graph in the 

figure, is prepared using the results of 14000 building loss estimations. 
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Fig. 8.8. Variations of the 90% confidence interval with number of response history analyses (RHA’s) 

for (a) Expected loss of the case study building conditioned on non-collapse and IM, E[LT | NC, IM], at Sd = 5 

cm, (b) E[LT | NC, IM], at Sd = 40 cm 

As can be seen in figure, the required number of RHA’s to estimate E[LT | NC, IM] decreases 

with the increase in the level of ground motion intensity. For example, for %10±  relative error, 

45 response history analyses is required to estimate E[LT | NC, IM] at Sd = 5cm, as can be seen in 

Fig.8.8a, whereas at Sd = 40 cm, less than 10 RHA’s are required to capture E[LT | NC, IM] with 

%10±  relative error, Fig. 8.8b. Furthermore, the confidence interval for E[LT | NC, IM], is non-

symmetric, which means that the frequency distribution of the E[LT | NC, IM] with respect to the 

number of RHA’s is not normally distributed. 

Table 8.1 summarizes the required number of response history analyses to estimate the 

probability parameters of the structural response, and the expected loss of the building 

conditioned on non-collapse and IM, when the acceptable error is %10± , using 90% confidence 

intervals. As can be seen in the table while around 55 ground motions are required to estimate the 

(a) (b) 
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dispersion of the structural response, 45 ground motions is required to estimate the building 

expected loss at Sd = 5 cm. Therefore, if one is interested in estimating the expected loss at 

relatively large levels of ground motion intensity with %10±  relative error, it may not be 

necessary to capture intermediate values such as dispersion of the structural response with the 

same level of acceptable error. Consequently, the number of RHA’s should be optimized on the 

basis of the target statistical parameter and not on the basis of intermediate probability 

parameters.  

 
Table 8.1 Required number of response history analyses to estimate various statistical parameters with 

%10±  relative error. 

5 cm 40 cm
(1) (2) (3)

< 10 35

30 < 10

65 55

55 50

45 <10

EDP Statistical 
Parameter

Intensity Measure (S d )

 
 

As can be understood from Table 8.1, to estimate expected loss of the building for frequent 

losses, losses that occur at small levels of intensity, more ground motions, are required compared 

to less frequent losses, losses that occur at large levels of intensity. This is mainly because, at 

small levels of intensity, depending on what ground motions are being used for loss estimation, 

the initiation of losses in the components may vary, which leads to significantly different 

estimates of the building loss at small levels of intensity. However, at large levels of intensity, 

selection of ground motions does not play a significant role in estimating component losses, since 

most components are in their last damage state. Therefore, a larger suite of ground motions is 

required to estimate frequent losses than less frequent losses. On the basis of above observations, 

it is recommended that at least 40 ground motions be used when performing loss estimation in 

order to obtain a reasonable estimate of building losses. 

8.3.1.2 Modeling uncertainty from limited number of ground motions in the 

correlation coefficient between engineering demand parameters 

In addition to the effects of modeling uncertainty stemmed from using limited number of 

response history analyses on the conditional probability of EDP at different levels of ground 

1IDR

8PFA

1 IDRLnσ

1 IDRLnσ

[ ]IMNCLE T ,|
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motion intensity, P(EDP|IM), this source of modeling uncertainty has significant effects on the 

estimation of the correlation coefficient between two engineering demand parameters at different 

levels of ground motion intensity, IMEDPEDP jj |, 21
ρ . As explained in chapter 6, IMEDPEDP jj |, 21

ρ , is 

one of the three correlation coefficients that contribute to the estimation of correlation coefficient 

between losses in individual components at different levels of ground motion intensity which is 

required when estimating the mean annual frequency of exceedance of loss in a building.  

Figure 8.9 show 90% confidence interval on the correlation coefficient between different 

response parameters at different levels of ground motion intensity, IMEDPEDP jj |, 21
ρ , evaluated by  

ρ  [EDPj1 , EDPj2|NC,IM]
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Fig. 8.9. Effects of epistemic uncertainty stemmed from the limited number of ground motions on the 

estimation of the correlation coefficient between engineering demand parameters at different levels of ground 

motion intensity, 
IMEDPEDP jj |, 21

ρ : (a) interstory drift ratio at first and fourth stories, IDR1 and IDR4; (b) IDR1 

and peak floor acceleration at the fifth floor, PFA5; (c) PFA2 and PFA5. 

(c) 

(b) (a) 
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conducting bootstrap statistics. As can be seen in the figure, the confidence band remains almost 

constant with changes in the ground motion intensity, showing that variations in the confidence 

band is not a function of the variations in the level of ground motion intensity. Furthermore, as 

can be seen in the figure, modeling uncertainty can have a significant effect on the correlation 

coefficient of the structural response, for cases where the correlation coefficient is estimated 

between first-mode dominated structural response parameters, such as IDR1 and IDR4, and also 

between a first-mode dominated structural response parameter with a higher-mode dominated 

structural response parameter, such as PFA5. For example, the correlation coefficient between 

interstory drift ratio at 1st and 4th stories of the case study building, IMIDRIDR |, 41
ρ , at Sd = 20 cm can 

vary from 0.01 to 0.38 because of the modeling uncertainty. However, when estimating 

correlation coefficient between two higher-mode dominated response parameters, such as PFA2 

and PFA5, the effects of modeling uncertainty are considerably smaller than the previous 

condition. For example, modeling uncertainty causes a change from 0.93 to 0.96 in the 

IMPFAPFA |, 52
ρ  at Sd = 20 cm. 

8.3.2 Various structural modeling assumptions 

Different studies have shown that changes in structural modeling assumptions can cause 

important variations in the computed response of buildings when subjected to earthquake ground 

motions (Islam, 1996; Li and Jirsa 1998; Browning, et al., 2000). However, most of these studies 

have been aimed at reproducing the recorded response of instrumented structures that have 

considered the seismic excitation and seismic response as deterministic. Therefore, it is important 

to put into perspective the effects of structural modeling assumptions on the computed response 

from a probabilistic response assessment. In particular, the effects of this source of uncertainty 

should be compared with the uncertainty produced by the record-to-record variability.  

In this study, the effects of changes in modeling assumptions on the probabilistic response of 

reinforced concrete buildings have been investigated. First the influence of changes of modeling 

assumptions on the overall strength and stiffness of the structural model has been evaluated by 

developing four different models of the case study building. Then the effects of structural 

modeling assumptions on the conditional probability of the structural response for a given ground 

motion intensity have been investigated for the models. Finally, confidence intervals that take 

into account both the epistemic uncertainty from finite number of response history analyses and 

the epistemic uncertainty from various structural modeling assumptions have been estimated for 

the conditional probability distribution of the structural response.  
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There are many uncertainties in developing models of reinforced concrete structures when 

subjected to earthquake ground motions. One major source of uncertainty is related to the 

uncertainty on the estimation of the stiffness of the elements due to the contribution of the steel 

reinforcement, which tends to increase the stiffness of the element, and cracking, which reduces 

the stiffness. Table 8.2 lists commonly used assumptions for modeling the stiffness of reinforced 

concrete elements. In addition to the effective stiffness of the members other sources of 

uncertainty are the effective width of slab contributing to the stiffness of the beams, contribution 

of interior frames to the response of the structure, and loss of stiffness due to connection 

flexibility.  

 
Table 8.2. Recommended ratios for effective moments of inertia of reinforced concrete elements as a 

fraction of gross moment of inertia. 

Reference Beams Columns
EI /EI gross EI /EI gross

(1) (2) (3)
ACI-318 (2002) 0.25 - 0.35 0.7
ATC-40 (1996) 0.5 0.7

FEMA-356 (2000) 0.5 0.5 - 0.7
Hwang & Moehle (1993) 0.5 1.0
Paulay & Priestley (1992) 0.4 0.4 - 0.8  

To investigate the effects of various modeling assumptions on the structural response of the 

cases study building four models of the longitudinal direction of the building were developed. 

The first model was developed following the recommendations of the ATC-40 (1996) and is 

referred as ATC model. The second model was developed according to modeling 

recommendations included in ACI-318 (2002) and is referred to as ACI model. The third model 

was developed using element strength and stiffness computed from a detailed moment curvature 

analysis on each of the structural members of the building and is referred to as the MCB model. 

The fourth model, called as FLX model, was developed on the basis of assumptions that make 

the model to have a flexible behavior compared to other models, i.e. longer first period of 

vibration. This has been performed essentially by neglecting the slab contribution in element 

stiffness calculations and also using center-line dimensions without assuming any rigid links at 

the connections. Table 8.3 provides a summary of the major assumptions used to develop each of 

the above four models. The effective slab width used for stiffness and strength calculations for 

the MCB model was estimated following the recommendations by Hwang and Moehle (1993) as 

follows 
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⎟
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⎞

⎜
⎝
⎛ +

4
5 lcβ                (8.2) 

where β is factor of connection stiffness reduction, c is the dimension of the column parallel to 

loading direction and l is the length of span parallel to loading direction. Furthermore, h in Table 

8.3 is the slab thickness. 

 
Table 8.3. Major modeling assumptions used in developing different models of the case study building. 

ATC ACI MCB FLX
(1) (2) (3) (4) (5)

Rigid End Zones half of full rigid 
lengths

half of full rigid 
lengths

half of full rigid 
lengths

No rigid 
lengths

Effective slab width in exterior 
beams for stiffness 1/12 of SPAN 1/12 of SPAN 1/12 of SPAN No Slab

Effective slab width in interior slabs 
for stiffness full length full length Eq. (9.2) with β =1 c + 3h

Effective slab width in exterior 
beams for strength 1/12 of SPAN 1/12 of SPAN 1/12 of SPAN No Slab

Effective slab width in interior slabs 
for strength c + 3h c + 3h Eq. (9.2) with β =1 c + 3h

Effective stiffness ratio in exterior 
beams 0.5 0.35 Moment-curvature 

diagram 0.35

Effective stiffness ratio in interior 
equivalent beams 0.5 0.25 Moment-curvature 

diagram 1

Effective stiffness ratio in columns 0.7 0.7 Moment-curvature 
diagram 0.5

Models
Modeling Assumptions

 

 

Table 8.4 presents the effects of changes in modeling assumptions on different parameters of 

the structure. As can be seen in the table various modeling assumptions produce very important 

changes in the beam-to-column stiffness ratios estimated in the story closest to the midheight of 

the exterior frame, and in lateral stiffness. For example, the beam-to-column stiffness ratio of the 

MCB model is almost twice of that of the ACI model and the lateral stiffness of the ACI model is 

50% larger than that of the FLX model. On the other hand, modal participation factors and period 

ratios do not change significantly with various modeling assumptions.  

It should be noted that variations in the first period of vibration of the models cause 

variations in the evaluation of the seismic hazard at the site, if the ground motion intensity 

measure being used is a structure-specific intensity measure. For example, in this study the 

spectral displacement evaluated for a single-degree-of-freedom structure with a period of 

vibration equal to the first period of vibration of the model has been used as the ground motion 

intensity measure. Therefore, as can be seen in Fig. 8.10 the mean annual frequency of 
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exceedance of the seismic hazard at the site changes for different models, since they have 

different first period of vibration.  

 
Table 8.4. Variations of system parameters with changes in modeling assumptions. 

Description of Parameter Parameter ATC Model ACI Model MCB Model FLX Model
(1) (2) (3) (4) (5) (6)

Beam-to-Column 
Stiffness Ratio* ρ 0.42 0.41 0.79 0.50

T1 [s] 1.35 1.39 1.59 1.70
T2 [s] 0.45 0.46 0.54 0.56
T3 [s] 0.26 0.26 0.32 0.33
T1/T2 3.00 3.02 2.94 3.04
T1/T3 5.19 5.33 4.97 5.15

Γ1 1.28 1.29 1.30 1.28
Γ2 0.42 0.44 0.45 0.43
Γ3 0.21 0.22 0.22 0.22

* Estimated at the story closest to the midheight of the exterior frame.
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Fig. 8.10. Variations in the seismic hazard curve at the site stemmed from different structural modeling 

assumptions in the case study building. 

Variations in the mode shapes of the structure for different models are presented in Fig. 8.11 

As can be seen in the figure, mode shapes similar to period ratios and modal participation factors, 

remain almost the same from one model to another model. Fig. 8.12 presents the changes in the 
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results from a pushover analysis with different modeling assumptions. As can be seen in the 

figure various modeling assumptions can also have a big influence on the lateral response of the 

model. For example, the lateral yielding strength of the MCB model is almost twice of the FLX 

model. 
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Fig. 8.11. Variations in the first three mode shapes of the structure in the longitudinal direction at 

different structural models of the case study building. 
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Fig. 8.12. Variations in the pushover curve for different structural models of the case study building. 

Figures 8.13 and 8.14 present the variations of the median, EDP , and logarithmic standard 

deviation, EDPLn σ , of the structural response for different models of the case study building. The 

variations of the statistical parameters of the structural response are presented for different levels 

of ground motion intensity and at different locations of the building. Fig. 8.13 presents the effects 

of various structural modeling assumptions on the variations of the median and logarithmic 

standard deviation of the interstory drift ratio at 1st, 4th and 7th stories of the building. Fig. 8.14 

shows the effects of various structural modeling assumptions on the variations of the median and 

logarithmic standard deviation of the peak floor acceleration at 2nd, 5th, and roof floors of the 

building. As can be seen in these figures the increasing or decreasing pattern of the statistical 

parameter of the structural response remains almost the same for different models of the building. 

However, at a given ground motion intensity, the value of the statistical parameter increases or 

decreases from one model to another model. For example, for all four models, the median 

interstory drift ratio at the 7th story, IDR7, increases as the level of ground motion increases as 

can be seen in Fig. 8.13. However, the median value for MCB model is larger than the median 

value for the other models at different levels of intensity. Furthermore, it can be seen from the 

figures that the effects of structural modeling uncertainty on the median response increases with 

the increasing levels of ground motion intensity. However, the variation in the logarithmic 

standard deviation of the response from one model to another is not a function of the level of 

ground motion intensity. For example,  for  peak  floor  acceleration  at  the  5th  floor,  PFA5,  the  



Chapter 8  Assessment and propagation of modeling … 244

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR1

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR1

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR4

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR4

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR7

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR7

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR1

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR1

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR4

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR4

0.00

0.01

0.02

0.03

0.04

0.05

0.06

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDP

IDR7

0.00

0.10

0.20

0.30

0.40

0.50

0.60

0.70

0 5 10 15 20 25 30 35 40 45 50
IM [Sd (cm)]

 ATC 
 ACI 
 MCB 
 FLX 

EDPLn σ

IDR7

 
Fig. 8.13. Variations in the median and logarithmic standard deviation of the interstory drift ratio at 1st, 

4th, and 7th stories of the case study building with the level of ground motion intensity and with different 

structural modeling assumptions. 
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Fig. 8.14. Variations in the median and logarithmic standard deviation of the peak floor acceleration at 

2nd, 5th, and 8th floors of the case study building with the level of ground motion intensity and with different 

structural modeling assumptions. 
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median value at Sd = 10 cm, estimated using MCB model is 0.96 times the median value 

estimated using the ATC model, whereas at Sd = 50 cm, the median value of PFA5 estimated 

using the MCB model is 1.24 times the median value estimated using the ATC model. For the 

logarithmic standard deviation of PFA5 , however, MCB model predicts a dispersion which is 

1.15 times and 1.19 times the one predicted by the ATC model both at Sd = 10 cm and                

Sd = 50 cm. 

Fig. 8.15a shows changes in median interstory drift ratios at all story levels of the case study 

building for two levels of ground motion intensity. It can be seen that models ACI and ATC that 

have almost the same beam-to-column stiffness ratios, exhibit very similar median responses. 

However, the MCB model that has a higher beam-to-column stiffness ratio and higher lateral 

strength produces a larger difference in response. Fig. 8.15b shows the variations in median peak 

floor acceleration at different floor levels of the case study building for two levels of ground 

motion intensity. As can be seen in the figure at higher levels of ground motion intensity, the 

difference between the median peak floor acceleration at different floor levels estimated from 

MCB and FLX models is significant. This is mainly because of the significant difference in the 

models lateral strength as can be seen from the results of pushover analysis, Fig. 8.12. 
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Fig. 8.15. Variations in the median interstory drift ratio and median peak floor acceleration along the 

building height at two levels of ground motion intensity for different structural models. 

Figs. 8.16 and 8.17 show the effects of modeling uncertainty stemmed from various 

modeling assumptions on the probability of engineering demand parameter conditioned on the 

ground motion intensity, P (EDP|IM), at two levels of intensity; Sd = 5cm and Sd = 40 cm. Fig. 

8.16 shows the effects of structural modeling uncertainty on the conditional probability 

distribution of the  interstory  drift  ratio  at  1st,  4th  and  7th  stories  of  the  case  study  building. 

(a) (b) 
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Fig. 8.16. Variations of the probability distribution of the structural response at a given ground motion 

intensity, P(EDP|IM), estimated from different structural models of the building for interstory drift ratios at 

1st, 4th and 7th stories at Sd = 5 cm and Sd = 40 cm. 
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Fig. 8.17. Variations of the probability distribution of the structural response at a given ground motion 

intensity, P(EDP|IM), estimated from different structural models of the building for peak floor accelerations 

at 2nd ,5th and roof floors at Sd = 5 cm and Sd = 40 cm. 
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Fig. 8.17 presents the changes in the conditional probability distribution of the peak floor 

acceleration at 2nd, 5th, and roof floors of the case study building with various modeling 

assumptions. As can be seen in the figures, structural modeling uncertainty introduces important 

changes to the conditional probability of the response both for the interstory drift ratio at 

different stories and for peak floor acceleration at different floors. On the basis of the above 

observations, it was concluded that the effects of modeling uncertainty caused by various 

structural modeling assumptions should also be taken into account when developing confidence 

intervals for the conditional probability distribution of the structural response on the ground 

motion intensity, P (EDP|IM).  

In order to account for both sources of modeling uncertainty, namely finite number of 

response history analyses and various structural modeling assumptions, it was assumed that the 

logarithmic mean of EDP conditioned on IM2, IMEDPLn |  μ , is a random variable, that its 

probability distribution can be computed using the total probability theorem as follows 

( ) ( ) ( )∑
=

===
Mn

m

IMEDPLnIMEDPLn mMPmMIMPP
1

| | ,|μμ                    (8.3) 

where nM is the number of structural models developed, ( )mMIMP IMEDPLn =,|| μ  is the 

probability distribution of the logarithmic mean of EDP conditioned on IM, and conditioned on 

the structural model m, and P(M = m) is the probability of choosing model m when performing 

nonlinear response history analyses. 

Different assumptions can be made on the probability of choosing model m, P(M = m). For 

example, for the case study, one can assume that the probability of choosing either of the MCB, 

ATC, ACI, and FLX models are uniform, i.e. there is 25% chance to chose any of these models. 

Another approach is to assume a certain probability distribution on the first period of vibration of 

the structural model, T1, and estimate the probability of choosing each model on the basis of how 

close the T1 of the model is to the estimated median value of T1. For example, in this study it is 

assumed that the T1 of the case study building is lognormally distributed, and its median and 

logarithmic standard deviation are estimated from the T1’s corresponding to the MCB, ATC, 

ACI, and FLX models. Fig. 8.18a shows the probability density function (pdf) of T1 for the case 

study building. The median T1 is 1.5 sec. and the logarithmic standard deviation of T1 is 0.11. As 

can be seen in the figure, ACI and MCB model have first period of vibration that is closer to the 

                                                      
2 Logarithmic mean of EDP conditioned on IM can approximately be computed as the natural logarithm of 
the median of the EDP conditioned on IM 
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median T1, compared to the other two models. Therefore, the probability of choosing these two 

models is increased with respect to the probability of choosing the other two models. Fig. 8.18b 

shows the discrete probability distribution used for the probability of choosing any of the four 

models developed for the case study building.  
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Fig. 8.18. (a) Lognormal probability density function (pdf) assumed for the first period of vibration of the 

case study building, T1; (b) Probability of choosing models, P(M = mi) , in the case study building. 

The first two statistical moments of the logarithmic mean of the EDP conditioned on IM, 

IMEDPLn |  μ , can be computed using Eq. (8.3). 90% confidence band of IMEDPLn |  μ  can then be 

estimated assuming that is normally distributed. This confidence interval is combined with 90% 

confidence intervals developed for the logarithmic standard deviation of EDP|IM, estimated for 

the MCB model, to estimate the confidence intervals on the P(EDP|IM). It should noted that the 

effects of modeling uncertainty on the logarithmic standard deviation of the EDP conditioned on 

IM, are not taken into account when developing confidence bands corresponding to both sources 

of modeling uncertainty of the structural response. 

Figs. 8.19 and 8.20 present the 90% confidence interval of the P (EDP|IM) estimated from 

two sources of modeling (epistemic) uncertainty both for interstory drift ratio and peak floor 

acceleration at two levels of ground motion intensity, Sd = 5 cm and Sd = 40 cm. As can be seen 

in the figures, epistemic uncertainty introduces important changes to the estimation of P 

(EDP|IM). For example, at 2% interstory drift ratio at the first story, IDR1 = 2%, at Sd = 40 cm, 

Fig. 8.19 shows that P (EDP|IM) can change from 8% to 36% because of the effects of  modeling  

(a) (b) 
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Fig. 8.19. Effects of epistemic uncertainty stemmed from the limited number of response history 

analyses and different structural modeling assumptions on the estimation of the P(EDP|IM), for interstory 

drift ratio at 1st,4th and 7th stories of the case study building at Sd = 5cm and Sd = 40 cm. 
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Fig. 8.20. Effects of epistemic uncertainty stemmed from the limited number of response history 

analyses and different structural modeling assumptions on the estimation of the P(EDP|IM), for peak floor 

acceleration in the 2nd, 5th and roof floors of the case study building at Sd = 5cm and Sd = 40 cm. 
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uncertainty. Similarly, the effects of  modeling  uncertainty on the  estimation of P (EDP|IM)   

for the peak floor acceleration are also significant. For example, when peak floor acceleration at 

the second floor, PFA2, is 1g, at Sd = 40 cm, P (EDP|IM) can vary from 48% to 78%. 

8.4 Modeling Uncertainty in Component-Specific Fragility 
Functions 

Fragility functions developed in chapter 4 for different damage states of various structural 

and non-structural components take into account the specimen-to-specimen variability. This 

variability stems from the fact that each damage state was observed at different levels of 

deformation for different specimens of a component. In addition to specimen-to-specimen 

variability, another source of uncertainty that needs to be evaluated in estimating the level of 

damage in components is the modeling (epistemic) uncertainty.  

Two sources of epistemic uncertainty were incorporated in this study. The first source is the 

uncertainty caused by using fragility functions whose parameters have been obtained from a 

limited number of specimens. This source of epistemic uncertainty is referred here as finite-

sample uncertainty. The second source is the uncertainty produced by the fact that damage 

observations in the specimens are typically only collected at peak values of the loading protocol. 

Therefore, the deformations reported at a certain damage state in a specimen will typically 

correspond to the peak drift that was imposed to the loading cycle at which the damage state was 

observed. This source of uncertainty is associated with the drift increment in the loading protocol 

used to test each specimen. In this section, the effects of the above two sources of modeling 

uncertainty was investigated on the fragility functions developed for slab-column connections 

and reinforced concrete columns. However, the proposed approach is generic and can be used for 

the evaluation of the epistemic uncertainty on any component with lognormal fragility functions. 

A quantitative measure for finite-sample uncertainty can be obtained by computing 

confidence intervals of the statistical parameters of the deformation levels corresponding to each 

damage state. Different methods can be used to estimate the confidence intervals of a statistical 

parameter. If the underlying probability distribution is normal or lognormal, conventional 

statistical methods can be used to estimate the confidence interval (Crow et al., 1960; Benjamin 

and Cornell, 1970). For cases in which the underlying probability distribution is not normal or 

lognormal, a generic method of finding the confidence interval is to use re-sampling techniques, 

such as bootstrap statistics (Efron and Tibshirani, 1993). 
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Since it was verified that the fragility curves of a component can be assumed lognormal, a 

conventional approach was used to estimate confidence intervals of the median and logarithmic 

standard deviation of the drifts corresponding to different damage states. The confidence 

intervals of the median of a lognormally distributed sample can be approximated from the 

confidence intervals of the mean of a normally distributed sample (Crow et al., 1960) and can be 

computed as follows 

⎥
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⎡
±

n
z.IDR IDRLnσ

α 2/exp            (8.4) 

where 2/αz  is the value in the standard normal distribution such that the probability of a random 

deviation numerically greater than 2/αz  is α, and n is the number of data points which is the 

number of specimens used to develop fragility functions for each damage state of a component.  

Confidence intervals for the standard deviation of the natural logarithm of the data are non-

symmetric and can be computed as (Crow et al., 1960) 

( ) 2/1

2
1,2/

21

⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡ −

−n

IDRLnn

αχ
σ   and         ( ) 2/1

2
1,2/1

21

⎥
⎥
⎦

⎤

⎢
⎢
⎣

⎡ −

−− n

IDRLnn

αχ
σ          (8.5) 

where 2
1,2/ −nαχ  is the inverse of the 2χ distribution with n-1 degrees of freedom and a probability 

of occurrence of α/2, similarly, 2
1,2/ −nαχ  is the inverse of the 2χ distribution with n-1 degrees of 

freedom and a probability of occurrence of 1-α/2. 

Confidence intervals for the mean and standard deviation of the natural logarithm of the 

drifts at each damage state were estimated using Eqs. (8.4) and (8.5). For each damage state, 

variations of the fragility curve caused by uncertainty in the median drift, IDR  , and uncertainty 

in the logarithmic standard deviation, IDRLn σ , computed from a finite sample was considered by 

using lower and upper confidence levels of IDR  and IDRLn σ . Confidence bands on the fragility 

functions were obtained by considering envelopes of four possible combinations of fragility 

curves computed with upper and lower confidence values of IDR  and IDRLnσ . Fig. 8.21 presents 

the envelopes corresponding to the finite sample size uncertainty on the fragility functions 

developed for different damage states of slab-column connections. Fig. 8.22 shows the 

confidence intervals estimated for finite sample uncertainty corresponding to fragility functions 

of reinforced concrete columns. As can be seen in the figures the epistemic uncertainty from 

finite sampling is smaller than the  specimen-to-specimen  variability.  For  example,  for  a  slab-  
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Fig. 8.21. Incorporating finite sample uncertainty to fragility functions of slab-column connections at 

different damage states.  
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Fig. 8.22. Incorporating finite sample uncertainty to fragility functions of reinforce concrete columns at 

different damage states. 
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column connection with gravity shear ratio of 0.2, Fig. 8.21, the fourth damage state can be 

experience at drift ratios ranging from 3% to 11% because  of  specimen-to-specimen  variability  

which  is  a ratio  of  3.5, while finite sampling uncertainty introduces smaller changes, ratios in 

the order of 1.5. Furthermore, for the case of damage state two in reinforced concrete columns, 

Fig. 8.22, since the median and dispersion has been estimated from a large database of reinforce 

concrete specimens, 1000 or more, (Panagiotakos and Fardis, 2001) the effects of sample size 

uncertainty is almost zero. 

A quantitative measure of the epistemic uncertainty resulting from the drift increments used 

in the loading protocol was obtained by identifying the drift increment used in the loading 

protocol in the cycle at which each damage state occurred in each specimen. Once these drift 

increments were collected, a bias and dispersion on the empirical median drift capacity produced 

by this second source of uncertainty, and corresponding to each damage state, was obtained by 

assuming that the median capacity is a normally distributed random variable. Finally, the two 

sources of epistemic uncertainty were combined by assuming that they are uncorrelated.  

Figs. 8.23 and 8.24 present the effects of epistemic uncertainty stemmed from the two 

sources on the fragility curves corresponding to each damage state in slab-column connections 

and each damage state in reinforced concrete columns, respectively. The black line in each graph 

corresponds to the fragility curve in the absence of epistemic uncertainty, while the gray bands 

correspond to a 90% confidence interval on the fragility curves when both sources of epistemic 

uncertainty have been considered. The corresponding parameters to develop the confidence 

intervals are listed in Table 8.5 for slab-column connections and in Table 8.6 for reinforced 

concrete columns. Please note that the second source of uncertainty in addition to increasing the 

dispersion on the median drift also decreases the drift capacity (i.e., shifts the fragility curve to 

the left) As shown in these graphs, the influence of epistemic uncertainty is significant and needs 

to be accounted for when performing sensitivity studies in loss estimation (Aslani and Miranda, 

2004a). For example, a 50% probability of experiencing or exceeding the second damage state in 

a slab-column connection can occur anywhere from 0.61 % to 0.95 % drift ratio as a result of 

epistemic uncertainty, as can be seen in Fig. 8.23. Furthermore, epistemic uncertainty can cause 

important changes in the probability of experiencing or exceeding a damage state. For example, 

for a slab-column connection with a gravity shear ratio equal to 0.5, it can be seen in Fig. 8.24 

that at 2% interstory drift ratio, probability of experiencing or exceeding loss of vertical carrying 

capacity varies anywhere from 64% to 95%. 
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Fig. 8.23. Incorporating two sources of epistemic uncertainty to fragility functions of slab-column 

connections at different damage states.  
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(d) (c) 
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Fig. 8.24. Incorporating two sources of epistemic uncertainty to fragility functions of reinforced concrete 

columns at different damage states. 
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Table 8.5. Statistical parameters estimated to incorporate epistemic uncertainty for interstory drift ratios 

corresponding to the damage states in slab-column connections at 90% confidence interval. 

(2) (3) (4) (5)

DS2: Severe Cracking

DS4: Loss of Vertical 
Carrying Capacity

DS3: Punching Shear 
Failure

Parameters considering only finite 
sample epistemic uncertainty

Parameters considering both 
sources of epistemic uncertainty

Damage State

(1)

DS1: Light Cracking

 

3DSIDR  and 4DSIDR are computed from Eq. (4.3) and Eq. (4.6), respectively. 
Values 0.0024 and 0.0032 correspond to epistemic uncertainty caused by drift increments in the loading protocol used to test each 
specimen for damage states 3 and 4, respectively. 

 
 

Table 8.6. Statistical parameters estimated to incorporate epistemic uncertainty for interstory drift ratios 
corresponding to the damage states in reinforced column connections at 90% confidence interval. 

(2) (3) (4) (5)

DS2: Severe Cracking

DS4: Loss of Vertical 
Carrying Capacity

DS3: Punching Shear 
Failure

Parameters considering only finite 
sample epistemic uncertainty

Parameters considering both 
sources of epistemic uncertainty

Damage State

(1)

DS1: Light Cracking

 

3DSIDR , and 4DSIDR are computed from Eq. (4.17), and Eq. (4.20), respectively. 
Values 0.0017, and 0.0016 correspond to epistemic uncertainty caused by drift increments in the loading protocol used to test each 
specimen for damage states 2, 3 and 4, respectively. 
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8.5 Modeling Uncertainty in Component’s Loss Functions 

Loss functions, developed in chapter 5, account for the variability in the cost of repair or 

replacement of a component when a certain damage state is observed. This variability in the loss 

functions is caused by the fact that different repair companies have different cost estimates to 

repair a component. In addition to this source of variability, for each loss function two sources of 

modeling (epistemic) uncertainty exists. The first source of modeling uncertainty is the 

uncertainty that corresponds to the fact that the cost estimates for repair or replacement of a 

component are from a limited number of repair/replacement companies. The other source of 

epistemic uncertainty comes from the fact that different repair/replacement companies have 

different repair/replacement procedures for a component. As explained in chapter 5, there are 

very few studies on the variability of the repair or replacement costs that can be used to develop 

loss functions. Therefore, a quantitative evaluation of epistemic uncertainty for loss functions 

was not possible at this time since it requires information on the number of repair/replacement 

companies that provide cost estimate for a component and information on different procedures 

and their cost estimates to repair or replace a component. 

8.6 Effects of Modeling Uncertainty on the Probability of Building 
Collapse 

An important element in the proposed loss estimation methodology, is the probability of 

building collapse as a function of the level of ground motion intensity, P(C|IM). As explained in 

chapter 6, two modes of building collapse were considered in estimating P(C|IM). The first mode 

is the collapse triggered by the lateral instability of the building and the second mode is the 

collapse triggered by the Loss of Vertical Carrying Capacity (LVCC) of the structural 

components. In the prediction of sidesway collapse the record-to-record variability was taken 

into account by performing a series of nonlinear response history analyses (PEER, 2005). In the 

prediction of the LVCC collapse two sources of variability were considered. The first source of 

variability was the variability in the structural response caused by the variability in the seismic 

loading, record-to-record variability, which was taken into account in the conditional probability 

of the structural response at different levels of ground motion intensity, P(EDP|IM). The second 

source of variability was the variability in the experiencing the LVCC in different structural 

components, specimen-to-specimen variability which was taken into account by developing 

component-specific fragility functions. 
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In addition to the above sources of uncertainty, four sources of modeling uncertainty can 

influence the probability of building collapse conditioned on different levels of ground motion 

intensity. The first source corresponds to the limited number of ground motions used in 

estimating the probability of sidesway collapse. The second source corresponds to the various 

structural modeling assumptions used in developing the sidesway collapse model of the building. 

The third source of modeling uncertainty corresponds to the estimation of the conditional 

probability of the structural response at different levels of ground motion intensity, P(EDP|IM), 

at the component level. The fourth source of modeling uncertainty involves the uncertainty on 

the fragility functions corresponding to the LVCC damage state of the structural components. In 

this study the effects of modeling uncertainty caused by finite number of ground motions in 

sidesway collapse prediction have been combined with the effects of the two sources of modeling 

uncertainty to predict LVCC collapse of the building to investigate the effects of modeling 

uncertainty on the probability of global collapse.  

Fig. 8.25 presents the effects of epistemic uncertainty stemmed from the limited number of 

ground motions and from the post-capping stiffness on the probability of sidesway collapse in the 

case study building. In order to estimate the modeling uncertainty envelops, 90% confidence 

intervals of the median and dispersion of the spectral displacements were computed by 

conducting bootstrap statistics. As  can  be  seen  in  the  figure  modeling  uncertainty  

introduces  
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Fig. 8.25. Effects of epistemic uncertainty stemmed from limited number of ground motions and from 

post-capping stiffness on the probability of sidesway collapse in the case study building. 



Chapter 8  Assessment and propagation of modeling … 263

significant variations to the ground motion intensity at which collapse can be experienced and 

also introduce significant variations to the probability of sidesway collapse at a given ground 

motion intensity. For example the median spectral displacement can vary from 23 cm to 41 cm 

because of the effects of modeling uncertainty. Furthermore, at Sd = 40 cm the probability of 

experiencing sidesway collapse can vary from 65% to 95% because of modeling uncertainty. 

Fig. 8.26 presents 90% confidence band corresponding to the effects of modeling uncertainty 

on the probability of experiencing LVCC in the case study building. Both the effects of modeling 

uncertainty on the structural response conditioned on the level of IM, and the effects of modeling 

uncertainty on experiencing LVCC damage state in structural components conditioned on EDP, 

have been take into account, when estimating confidence band shown in the figure. In combining 

the effects of these two sources of modeling uncertainty to develop envelops of modeling 

uncertainty shown in Fig. 8.26, the following assumptions have been made: 

 The effects of modeling uncertainty were only considered on the median collapse 

capacity, which is the elastic spectral displacement associated with 50% probability of 

experience LVCC collapse in the building. 

 The dispersion, standard deviation, of the median collapse capacity corresponding to 

each source of modeling uncertainty was computed assuming that median collapse 

capacity is normally distributed. 

P(CLVCC|NCSW,IM) 
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Fig. 8.26. Effects of epistemic uncertainty stemmed from the prediction of the loss of vertical carrying 

capacity at the component level and from the limited number of ground motions to estimate the structural 

response on the probability of experiencing loss of vertical carrying capacity at a case study building. 
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 Dispersions estimated for each of the above sources of uncertainty, are combined 

assuming that the effects of each source of modeling uncertainty on estimating the 

probability of LVCC collapse conditioned on IM is uncorrelated with the other source of 

modeling uncertainty. Therefore, the standard deviation of the median collapse capacity 

from the two sources of modeling uncertainty is estimated as the Square Root of the Sum 

of Squares (SRSS) of the standard deviation of the median collapse capacity estimated 

for each source of modeling uncertainty. 

As can be seen in Fig. 8.26 modeling uncertainty can impose important variations on the 

ground motion intensity at which LVCC collapse maybe experienced and also can introduce 

important variations to the probability of experiencing LVCC collapse. For example, because of 

epistemic uncertainty the median spectral displacement at which LVCC can be experienced in 

the building can vary from 26 cm to 38 cm. Furthermore, the probability of experiencing LVCC 

collapse at Sd = 40 cm can vary from 48% to 83% because of the effects of modeling uncertainty. 

Fig. 8.27a shows the effects of modeling uncertainty stemmed from estimating the 

probability of sidesway collapse on the probability of building collapse. Fig. 8.27b shows the 

effects of epistemic uncertainty stemmed from estimating the probability of LVCC collapse on 

the probability of building collapse. As can be seen in these figures the confidence band 

corresponding to the effects of modeling uncertainty stemmed from sidesway collapse on 

probability of building collapse, Fig. 8.27a, is wider than that of the LVCC collapse, Fig. 8.27b. 

Fig. 8.27c shows the 90% confidence band of the probability of experiencing collapse in the case 

study building, estimated by superimposing the effects of epistemic uncertainty on the sidesway 

collapse and the effects of epistemic uncertainty on the LVCC collapse. In combining the effects 

of modeling uncertainty stemmed from the two sources, it was assumed that the median collapse 

capacity is normally distributed and the dispersion on the median collapse capacity estimated 

from the effects of each source of modeling uncertainty can be combined with the other one 

using the SRSS method (i.e., assuming that the two sources of modeling uncertainty are 

uncorrelated). As can be seen in the figure epistemic uncertainty can cause significant variations 

in the ground motion intensity at which collapse may be experienced in the building and can also 

impose significant variations on the probability of experiencing collapse in the building. For 

example, the median ground motion intensity at which collapse can be experienced in the 

building varies from Sd = 14 cm to Sd = 27.5 cm as a result of modeling uncertainty. Moreover, 

the probability of experiencing collapse in the building when the elastic spectral displacement, 

Sd, is 30 cm can vary from 58% to 96%.  
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Fig. 8.27. Effects of epistemic uncertainty on the probability of system collapse for the case study 

building: (a) epistemic uncertainty from estimation of sidesway collapse; (b) epistemic uncertainty from 

estimation of LVCC collapse; (c) epistemic uncertainty from estimation of sidesway collapse and LVCC 

collapse, assuming that the two sources are uncorrelated. 

It should be noted that when combining the epistemic uncertainty corresponding to the 

LVCC collapse with the epistemic uncertainty corresponding to the sidesway collapse, it can be 

assumed that the two sources of epistemic uncertainty are fully correlated. Fig. 8.28 shows the 

(a) (b) 

(c) 
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effects of epistemic uncertainty on the probability of building collapse assuming that the two 

sources of epistemic uncertainty are fully correlated. 
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Fig. 8.28. Effects of epistemic uncertainty on the probability of system collapse for the case study 

building from epistemic uncertainty corresponding to LVCC collapse and sidesway collapse assuming that 

the two sources of uncertainty are fully correlated. 

8.7 Propagation of Modeling Uncertainty on Building Expected 
Loss 

As explained in chapter 6, in the proposed loss estimation methodology building expected 

loss conditioned on IM, E[LT|IM], is estimated as a function of non-collapse losses, E[LT|NC,IM], 

that have been computed as the sum of the losses in structural and non-structural components, 

collapse losses that have been obtained from the total cost of replacement of a building, 

E[LT|C],and the probability of experiencing collapse in the building, P(C|IM). Therefore, 

modeling uncertainty in the E[LT|IM] is a function of the modeling uncertainty in each of the 

above terms. In this study, only the effects of modeling uncertainty stemmed from E[LT|NC,IM], 

and P(C|IM) on the E[LT|IM] are considered and the effects of modeling uncertainty stemmed 

from the estimation of E[LT|C] on the E[LT|IM] is neglected. Modeling uncertainty in the 

estimation of E[LT|NC,IM] is a function of modeling uncertainty at three levels: modeling 

uncertainty corresponding to the estimation of structural response conditioned on the level of 

ground motion intensity, EDP|IM, modeling uncertainty corresponding to the level of damage 
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experienced in the component conditioned on the level of structural response, DS|EDP, and 

modeling uncertainty corresponding to the cost of repair or replacement of the component 

conditioned on the level of damage observed in the component, L|DS. As explained earlier, to the 

author’s knowledge no information is available to account for the modeling uncertainty at L|DS 

level, at the time of this writing. Furthermore, accounting for all sources of epistemic uncertainty 

at DS|EDP level leads to extremely intensive computations, since two sources of epistemic 

uncertainty, namely, finite sample uncertainty and interpretation uncertainty, should be 

considered for fragility functions corresponding to each damage state of each structural and non-

structural component. Therefore, as a simplifying assumption only the epistemic uncertainty 

corresponding to different damage states of partitions and DS3 partition-like components are 

taken into account. This assumption is based on the results of loss disaggregation (discussed in 

chapter 7) that shows that 75% of the non-collapse expected loss is produced by losses in these 

two component groups. Therefore, accounting for the epistemic uncertainty of these two 

component groups provides a relatively good estimate of the total epistemic uncertainty on non-

collapse expected loss.  

Figure 8.29a shows the 90% confidence band corresponding to the effects of modeling 

uncertainty at the EDP|IM level on the estimation of E[LT|NC,IM]. The confidence band is 

generated by estimating the dispersion around the E[LT|NC,IM] when changing the median of a 

specific EDP to its 90% confidence band and computing the SRSS of the dispersions estimated 

from changing the median value of all EDP’s. For example, at Sd = 20 cm, first, the variations in 

the E[LT|NC,IM] caused by variations in the median interstory drift ratio at first story, IDR1, 

when it is changed to its 90% confidence limits is estimated. In the next step variations in the 

E[LT|NC,IM] caused by variations in the median of IDR at each story and PFA at each floor level 

are estimated. These variations of the E[LT|NC,IM] are translated into standard deviations of the 

E[LT|NC,IM]  assuming that  E[LT|NC,IM]  is  normally  distributed  at a  given  IM. The  

standard deviations are then combined assuming that modeling uncertainties in E[LT|NC,IM] 

caused by variations in the median structural responses are uncorrelated and therefore, a measure 

of total standard deviation can be found as the SRSS of the individual standard deviations. As 

can be seen in the figure, the effects of modeling uncertainty on the estimation of E[LT|NC,IM] 

are not very significant. This can be mainly because performing SRSS underestimates the effects 

of modeling uncertainty by assuming that modeling uncertainty associated with changing median 

structural responses are uncorrelated. 
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Fig. 8.29. Effects of epistemic uncertainty on the estimation of the non-collapse expected loss at different 

levels of ground motion intensity: (a) effects of epistemic uncertainty corresponding to the structural response 

(EDP|IM level), (b) effects of epistemic uncertainty corresponding to the fragility functions of partitions 

(DS|EDP level) (c) effects of epistemic uncertainty from both sources 

Figure 8.29b shows the 90% confidence interval on the E[LT|NC,IM] estimated from the 

effects of modeling uncertainty in fragility functions of partitions and DS3 partition-like 

components at different damage states. Only the epistemic uncertainty corresponding to finite 

sample size uncertainty is considered for fragility functions associated with each damage state. 

(a) 

(b) 

(c) 
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Only the variations in the median drift capacity as a result of finite sample uncertainty on the 

E[LT|NC,IM] are considered. Furthermore, the standard deviation of the E[LT|NC,IM] 

corresponding to changing median drift capacity at each damage state to it 90% confidence limits 

is estimated assuming that E[LT|NC,IM] is normally distributed at a given level of ground motion 

intensity. The estimated standard deviations are then combined assuming that they are 

uncorrelated.  

Figure 8.29c shows 90% confidence bands corresponding to the effects of modeling 

uncertainty at EDP|IM and DS|EDP levels on the E[LT|NC,IM]. In combining the effects of 

modeling uncertainty from each source it is again assumed that the two sources are uncorrelated. 

As can be seen in the figure, the variation in the E[LT|NC,IM] as a result of these two sources of 

modeling uncertainty mainly affects losses at small levels of intensity which as will be seen later 

has a significant effect on the estimation of expected annual loss.  

Estimation of the building expected annual loss can vary as a result of modeling (epistemic) 

uncertainties at different levels, estimated in previous sections can alter the estimation. To 

quantify the amount of this variation in the expected annual loss caused by epistemic 

uncertainties corresponding to various sources, the effects of the following three sources of 

epistemic uncertainty are propagated on the estimation of expected annual loss: epistemic 

uncertainty in the estimation of the non-collapse expected loss conditioned on IM (Fig. 8.29c), 

epistemic uncertainty in the estimation of the probability of building collapse conditioned on IM 

(Fig.8.27c), and epistemic uncertainty in the estimation of the mean annual frequency of 

exceedance of IM (Fig. 8.1). Fig. 8.30 shows the propagation of modeling uncertainty from these 

three sources on the estimation of the Expected Annual Loss (EAL) in the case study building 

over different time periods. Fig. 8.30a shows the effects of modeling uncertainty from non-

collapse expected loss conditioned on IM, E[LT|NC,IM], on the estimation of EAL. Fig. 8.30b 

shows the effects of modeling uncertainty from E[LT|NC,IM] and from probability of collapse 

conditioned on IM, P(C|IM), on the estimation of EAL. Fig. 8.30c shows the effects of epistemic 

uncertainty from E[LT|NC,IM], P(C|IM), and  from seismic hazard curve at the site, ν(IM), on the 

estimation of EAL. As can be seen in these figures epistemic uncertainty impose important 

variations on the estimation of building expected annual loss. For example, for a one year period, 

expected annual loss can vary from $ 60 K, to $ 290 K as a result of epistemic uncertainty from 

the three sources considered. Therefore, the effects of epistemic uncertainty on the estimation of 

measures of economic loss should be taken into account when conducting loss estimation in 

buildings and should be communicated to interested stakeholders of a building since it can 

significantly affect their decisions depending on their risk attitude. 
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Fig. 8.30. Propagation of epistemic uncertainty on the estimation of the building expected annual loss 

(EAL) for different time periods: (a) effects of epistemic uncertainty corresponding to non-collapse building 

expected loss conditioned on IM, E[LT|NC,IM], on EAL, (b) effects of epistemic uncertainty corresponding to 

E[LT|NC,IM] and probability of collapse conditioned on IM, P(C|IM), on EAL(c) effects of epistemic 

uncertainty corresponding to E[LT|NC,IM], P(C|IM), and seismic hazard curve at the site on EAL. 
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C h a p t e r  9  

SENSITIVITY ANALYSIS AND 
SIMPLIFIED APPROACHES IN LOSS 

ESTIMATION 

9.1 Introduction 

The proposed loss estimation methodology, explained in chapter 6, provides a probabilistic 

model that incorporates the effects of various sources of uncertainty that contribute to the 

economic losses from future earthquakes in a building. It is important to find out the sources of 

uncertainty that mostly contribute to the building loss variability and that require additional 

research to strengthen the knowledge base. This is mainly because it may not be feasible to 

account for all sources of uncertainty when estimating earthquake losses depending on the 

available resources for a loss estimation project. Furthermore, it is important to find out the 

sources of uncertainty that their contribution to the building loss variability is insignificant and 

can be eliminated from the loss estimation methodology and therefore, leading to a simplified 

procedure.  

Sensitivity analysis is the study of how the variation in the output of a model (numerical or 

otherwise) can be apportioned, qualitatively or quantitatively, to different sources of variation, 

and of how the given model depends upon the information fed into it (Saltelli et al., 2000). The 

sensitivity analysis process involves the following four steps: 

1. Determine which input elements should be considered in the analysis. 

2. For each input factor considered in the analysis assign a probability density function or a 

range of variation. 

3. Estimate the model output distribution from an input matrix generated from step 2. 

4. Assess the influences of relative importance of each input factor on the output variables. 
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Different sensitivity analysis methods exist to study a mathematical model such as the one 

proposed in this study for loss estimation. Sensitivity analysis methods can be classified as 

mathematical methods and statistical methods (Frey and Petil, 2002). Mathematical sensitivity 

analysis methods assess the effects of variations of an input on the model output by assuming a 

few values that represent the possible range of the input. Methods such as nominal range 

sensitivity analysis, break-even analysis, difference log-odds ratio, and automatic differentiation 

can be categorized as mathematical sensitivity analysis methods. The main disadvantage of 

mathematical methods is that they are deterministic in the sense that they do not address the 

variance in the output due to the variance in the inputs. Statistical methods are sensitivity 

analysis methods that assign probability distributions for inputs and investigate the effects of 

variance in inputs on the output distribution (Neter et al., 1996). The main advantage of statistical 

methods is that they can be used for probabilistic models and the effects of interaction among 

multiple inputs can be taken into account when performing sensitivity analysis. Methods such as 

regression analysis, analysis of variance, response surface methods and Fourier amplitude 

sensitivity test are among statistical sensitivity analysis methods.  

An important property to consider when choosing which sensitivity analysis technique to 

employ is the model-independence property (Saltelli et al., 2000). A sensitivity analysis method 

is model-independent when the level of additivity or linearity of the model does not influence the 

accuracy of the method. Not all sensitivity analysis methods are model-independent. For 

example, nominal range sensitivity analysis method, though fairly inexpensive and easy to 

implement, is model-dependent and is most valid when applied to a linear model. Analysis of 

variance, however, is a model-independent sensitivity analysis method. 

Various studies have been conducted on sensitivity analysis of the earthquake losses in a 

building. In a recent study, Porter et al. (2002) performed a deterministic sensitivity analysis to 

determine the important uncertain variables of earthquake performance. The sensitivity analysis 

method used in their study was based on the nominal range sensitivity analysis method. Nominal 

range sensitivity analysis evaluates the effect on model outputs exerted by individually varying 

only one of the model input across its entire range of plausible values, while holding all other 

inputs at their nominal or base-case values (Cullen and Frey, 1999). The difference in the model 

output due to the change in the input variable is referred to as the sensitivity or swing weight of 

the model to that particular input variable (Morgan and Henrion, 1990). The results of nominal 

range sensitivity are most valid when applied to a linear model (Frey and Petil, 2002). However, 

for a nonlinear mathematical model, which is the case in loss estimation, the sensitivity of the 
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output to a given input may depend on interactions with other inputs, which are not considered. 

Therefore, results of nominal range sensitivity are potentially misleading for nonlinear models. 

In the firs two parts of this chapter, different sensitivity analysis methods have been used to 

investigate the effects of various sources of uncertainty on the building expected loss and 

dispersion of the loss estimated from the proposed loss estimation methodology. Sensitivity 

analyses on component loss have been presented in Aslani and Miranda (2004a). Expected loss 

sensitivity analyses include the following: a model-independent statistical sensitivity analysis 

technique, multi-factor analysis of variance, to determine the effects of different sources of input 

variability to the expected loss of the building at different levels of ground motion intensity when 

collapse has not occurred in the building; a direct differentiation method sensitivity analysis to 

assess the sensitivity of the total building expected loss at different levels of ground motion 

intensity to the variability in the non-collapse and collapse expected losses and the probability of 

experiencing building collapse conditioned on the level of ground motion intensity; sensitivity 

analysis of the expected annual loss to the initiation of damage in components. Sensitivity 

analyses on the dispersion of the building loss have been performed with the following 

objectives: investigating the effects of correlation between construction cost items and 

correlation between losses in individual components on the estimation of dispersion of the 

building loss at different levels of ground motion intensity; Effects of number of components on 

the estimation of the dispersion of the loss in buildings when collapse has not occurred in the 

building.  

In the last part of this chapter, simplified approaches have been proposed to estimate the 

building expected loss and the mean annual frequency of exceedance of the building loss. 

Assumptions upon which these simplified approaches lead to acceptable estimates of these 

measures of economic losses are discussed. The results from the proposed simplified approaches 

have been compared with those from the proposed loss estimation methodology and simplified 

approaches proposed by other researchers.  

9.2 Sensitivity Analysis on the Expected Loss 

9.2.1 Non-collapse expected loss of the building 

As derived in chapter 6, the expected value of the building loss when collapse has not 

occurred in the building can be computed as follows 

[ ] [ ]∑
=

=
N

j
jjT IMNCLEaIMNCLE

1

,|,|           (9.1) 
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where [ ]|NC,IMLE j
 is the expected normalized loss in the jth component given that global 

collapse has not occurred at the intensity level IM,  aj is the cost of a new component for 

component j and Lj is the normalized loss in the jth component defined as the cost of repair or 

replacement in the component normalized by aj.  

The expected normalized loss of a component conditioned on non-collapse and IM, 

[ ]|NC,IMLE j , in Eq. (9.1) can be computed as follows 

[ ] [ ] ( )∫
∞

>=
0

 ,|  NC,|| IMNCedpEDPdPEDPLENC,IMLE jjjjj
  (9.2) 

where ( )IMNCedpEDPP jj ,|>  is the probability of exceeding edpj, in component j given that 

collapse has not occurred in the building and the level of ground motion intensity is IM, and 

[ ]jj EDPNCLE ,| is the expected loss in component j when it is subjected to an engineering 

demand parameter, EDPj, and can be computed as follows 
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where m is the number of damage states in the jth component, [ ]ij DSLE | is the expected value of 

the normalized loss in component j when it is in damage state i ,DSi, and ( )ji EDPdsDSP |=  is the 

probability of the jth component being in damage state i, ids , given that it is subjected to a 

demand of EDPj. 

Substituting the right hand side of Eq. (9.3) for [ ]jj EDPNCLE ,| in Eq. (9.2) and then 

substituting the right hand side of Eq. (9.2) for [ ]|NC,IMLE j in Eq. (9.1) we have 
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In Eq. (9.4), the probability of the jth component being in damage state i, ids , given that it is 

subjected to a demand of EDPj, ( )ji EDPdsDSP |= , can be estimated as the difference between 

fragility functions in damage state, i an i+1, as follows 
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where ( )edpEDPdsDSP i =≥ |  is the fragility function corresponding to damage state i, and can 

be computed using Eq. (4.1) as follows 
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The probability of exceeding edp, conditioned on non-collapse and IM, 

( )IMNCedpEDPP jj ,|> , in Eq. (9.4) can be computed using Eq. (3.2) as follows 
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Substituted Eqs. (9.5) to (9.7) in Eq. (9.4) leads to  
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where φ is the probability density function of a standard normal distribution.  

As can be understood from Eq. (9.8), the mathematical model to estimate [ ]IMNCLE T ,| is a 

probabilistic model which involves nonlinear combinations of various sources of uncertainty. In 

other words [ ]IMNCLE T ,|  is a nonlinear function of the median and logarithmic standard 

deviation of EDP capacity in the fragility functions ( iEDP ,
iEDPLn σ , 1+iEDP , and 

1 +iEDPLnσ ), and 

also a nonlinear function of the probability parameters of the EDP demand, EDP  and EDPLn σ . 

Therefore, as stated earlier, using sensitivity analyses approaches that are designed for linear 

systems (e.g. tornado diagrams) to identify the most important sources of variability that 

contribute to the estimation of [ ]IMNCLE T ,|  using Eq. (9.8) may lead to potentially misleading 

conclusions.  

The following sources of uncertainty are incorporated when estimating [ ]IMNCLE T ,|  using 

Eq. (9.8): 

- The uncertainty corresponding to the variability in the ground motion, record-to-record 

variability. 

- The uncertainty corresponding to the variability in observing a certain damage state in 

a component, specimen-to-specimen variability. 
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- The uncertainty corresponding to the variability in the repair cost of the component 

when it is in a certain damage state, repair/replacement cost variability. 

In this study, a sensitivity analysis has been conducted to find out if it is necessary to 

incorporate all the above sources of uncertainty when estimating the non-collapse expected loss 

of the building at different levels of ground motion intensity. The analysis of variance (ANOVA) 

was opted to be used as the sensitivity analysis method, mainly because the proposed 

methodology to estimate non-collapse expected losses at different levels of ground motion 

intensity is probabilistic and non-linear. ANOVA is a model (methodology)-independent 

probabilistic sensitivity analysis method used for determining whether there is a statistical 

association between an output and one or more inputs (Krishnaiah, 1981). In ANOVA, inputs are 

referred to as “factors” and variability corresponding to the factors is incorporated by assuming 

different values for the factors, called factor levels. Single-factor ANOVA is used to study the 

effect of variability in one factor on the output variable, whereas multi-factor ANOVA, also 

called as MANOVA, deals with two or more factors. The reader is referred to Neter et al. (1996, 

1985) for detail applications, terminology and implementation procedure for ANOVA and 

MANOVA. The underlying assumption in ANOVA is that the output of the model 

(methodology) is normally distributed, which is the case in this study since [ ]IMNCLE T ,|  has 

been estimated from the sum of losses in individual components and therefore according to 

central limit theorem, it can be assumed that [ ]IMNCLE T ,|  is normally distributed. 

Furthermore, in the case of correlated inputs, which is the case in loss estimation, approaches 

such as principal component analysis exist in ANOVA to group correlated factors and perform a 

robust ANOVA (Kim and Mueller, 1978). 

Ideally, the number of sources of variability at the building level that were required to be 

considered in ANOVA includes the record-to-record variability, specimen-to-specimen 

variability for each damage state of each component, and repair/replacement cost variability for 

each damage state at each component. However, ANOVA becomes computationally intensive if 

there are a large number of inputs (Frey and Patil, 2002). Consequently, in order to perform the 

analysis of variance on the non-collapse building expected loss, various sources of uncertainty 

have been grouped together and the following seven sources of uncertainty (factors) have been 

defined: 

- Record-to-record variability, referred to as V1. 

- Specimen-to-specimen variability for structural components, referred to as V2. 

- Specimen-to-specimen variability for drift-sensitive non-structural components, 

referred to as V3. 
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- Specimen-to-specimen variability for acceleration-sensitive non-structural 

components, referred to as V4. 

- Repair/replacement cost variability for structural components, referred to as V5. 

- Repair/replacement cost variability for drift-sensitive non-structural components, 

referred to as V6. 

- Repair/replacement cost variability for acceleration-sensitive non-structural 

components, referred to as V7. 

In order to investigate the significance of each of the above seven sources of uncertainty 

(factor) on the non-collapse building loss at a given IM, for each factor, five factor levels 

associated with 10%, 30%, 50%, 70%, and 90% probability levels of experiencing that factor 

were considered. For V1,  record-to-record variability, five ground motions were selected that 

their corresponding structural response, namely peak interstory drift ratio at the first story, IDR1, 

has the 10%, 30%, 50%, 70%, and 90% percentile ranks in the peak IDR1’s estimated from each 

of the 79 earthquake ground motions. For example, when V1 is at 10% probability level, it means 

that a ground motion has been selected that the computed peak IDR1 corresponds to a 10% 

percentile rank in sorted peak IDR1’s from 79 ground motions.  

For V2 to V4, sources of variability that correspond to specimen-to-specimen variability for 

structural components, drift-sensitive non-structural components and acceleration-sensitive non-

structural components, the 5 levels of probability correspond to the levels of deformation that 

each damage state can be experienced or exceeded in a component with that probability. For 

example a 30% probability level for V3, means that the levels of peak interstory drift ratio, at 

which each damage state will be experienced in each drift-sensitive non-structural component 

corresponds to a 30% probability of experiencing or exceeding that damage state. For V5 to V7, 

sources of variability that correspond to repair/replacement cost variability for structural and 

non-structural components, the 5 levels of probability correspond to the levels of normalized loss 

in each damage state of a component with that probability level. For example, a 70% probability 

level for V7, corresponds to the normalized loss at each damage state of each acceleration-

sensitive component that has a 70% probability of occurrence. 

It should be noted that the main simplifying assumption in defining V2 to V4, was that all 

components in a certain category experience or exceed their corresponding damage states with 

the same probability level. For example, it was assumed that once the first damage state in a slab-

column connection is experienced at a drift level corresponding to 10% probability of 

experiencing or exceeding, other damage states corresponding to that slab column connection 

and all damage states of other structural components would also occur at drift levels 
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corresponding to 10% probability of experiencing or exceeding those damage states. Similarly, 

for V5 to V7, it was assumed that all components in a certain category have the same probability 

of occurrence of a normalized loss at different damage state. For example, once normalized loss 

associated with  10% probability of occurrence has been picked for the first damage state of a 

certain drift-sensitive non-structural component, for other damage states of that component and 

for all the damage states of other drift-sensitive non-structural components, the normalized loss 

should correspond to 10% probability of occurrence. 

9.2.1.1 Implementation of ANOVA 

ANOVA is a non-parametric sensitivity analysis method which is based on partitioning a 

measure of total variability of output estimations as a function of the variability of different 

factors.  The measure of total variability computed in ANOVA is the sum of squares of the 

deviations of each output estimate, in our case each estimate of [ ]IMNCLE T ,|  at different 

probability levels of V1 to V7, around the overall mean of the output estimations. For a 7-way 

ANOVA the measure of total variability, ST, can be computed by expanding the three-factor 

ANOVA (Neter et al., 1985) as follows 
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where v1, v2,…, v7 are the indices for different factor levels corresponding to the sources of 

uncertainty (factors) V1, V2, …, V7, respectively, N1, N2, …, N7 are the number of levels for 

factors V1, V2, …, V7, respectively, and in our N1, N2,…,N7 are equal to 5, L is the short form for 

[ ]IMNCLE T ,| , 
2

,...,, 721 vvvL  is the building non-collapse expected loss estimated at the ground 

motion intensity IM when each of the sources of uncertainty V1, V2, …, V7 are at v1, v2,…, v7, 

respectively, and TL is the sum over all possible estimations of L  and is computed as follows 
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In order to evaluate the effects of variability from each source on the total variability 

estimated from Eq. (9.9) sum of squares of each source of variability, Si, has been computed as 

follows 
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where ivL for each of the seven factors can be computed as  
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Once the sum of square of each individual factor has been estimated using Eqs. (9.12), 

assuming that there is no interaction between the seven sources of variability the sum of square 

of the error, SE, can be computed as 
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where ST can be computed from Eq. (9.9) and Si can be computed from Eqs. (9.12). 

Once measures of total variability, ST, and variability corresponding to each source, Si, have 

been computed, in order to evaluate the significance of each source of variability the following 

ratios are computed as 

i

i
i f

SM =                     (9.14) 

e

E
E f

SM =                     (9.15) 

where fi is the degree of freedom corresponding to factor i, and is equal to the number of factor 

levels for that factor minus 1, which is equal to 5-1=4 for each of the seven sources of variability 

considered in this study, and fe is the degrees of freedom corresponding to the sum of squares of 

the error and can be computed as follows 
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and is equal to 47 = 16384 for our case of ANOVA. 

The appropriate test statistics, F*, to accept or reject the null hypothesis that the variability of 

source Vi should be taken into account when estimating the building expected loss when collapse 

has not occurred at intensity level IM, with a significance level of α, can be computed as follows 
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where F is the inverse of the F distribution function at 1-α with fi and fe degrees of freedom.  

On the basis of the above formulation a 7-factor ANOVA was conducted on the non-collapse 

expected loss of the building, [ ]IMNCLE T ,| , at two levels of ground motion intensity. Tables 
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9.1 and 9.2 present results from the analysis of variance on [ ]IMNCLE T ,|  at elastic spectral 

displacement equal to 5 cm and 40 cm, respectively and at 5% significance level. From the 

results of ANOVA presented in these tables, it can be understood that the importance of sources 

of variability in estimating measures of economic loss varies as a function of the level of ground 

motion intensity. For example, while at small levels of intensity the specimen-to-specimen 

variability, V2, corresponding to the structural components is not a significant source of 

variability in estimating the expected loss at higher levels of intensity V2 becomes a significant 

source of variability. Furthermore, the higher the value of F* corresponding to a source of 

variability is, the more important that source of variability will be compared to other sources of 

variability. In other words, the value of F* provides a basis for ranking the sources of variability 

in terms of their importance. For example, as can be seen in Table 9.1, at small levels of intensity 

the most significant two sources of variability are record-to-record variability and specimen-to-

specimen variability in drift-sensitive nonstructural components, since they have the largest F* 

values compared to the others.  

 
Table 9.1 Multi-factor analysis of variance on the building expected loss when collapse has not occurred 

and the level of ground motion intensity is 5 cm, elastic spectral displacement. 
Sources of Variability S V  (Eq. 9.7) f  (Degrees of freedom) M  (Mean sum of squares) F* F [1-α;f i ,f e ] Signficance

(1) (2) (3) (4) (5) (6) (7)
V 1 4.62E+15 4 1.15E+15 2870.9 2.4 Significant
V 2 8.36E+11 4 2.09E+11 0.5 2.4 Insignificant
V 3 3.09E+15 4 7.72E+14 1919.3 2.4 Significant
V 4 1.32E+14 4 3.29E+13 81.8 2.4 Significant
V 5 1.51E+11 4 3.79E+10 0.1 2.4 Insignificant
V 6 1.32E+15 4 3.30E+14 819.5 2.4 Significant
V 7 3.05E+13 4 7.61E+12 18.9 2.4 Significant

S E 6.59E+15 16384 4.02E+11
S T 1.58E+16 78124  

 

 

Table 9.2 Multi-factor analysis of variance on the building expected loss when collapse has not occurred 
and the level of ground motion intensity is 40 cm, elastic spectral displacement. 

Sources of Variability S V  (Eq. 9.7) f  (Degrees of freedom) M  (Mean sum of squares) F* F [1-α;f i ,f e ] Signficance

(1) (2) (3) (4) (5) (6) (7)
V 1 9.54E+15 4 2.38E+15 1230.7 2.4 Significant
V 2 5.60E+13 4 1.40E+13 7.2 2.4 Significant
V 3 1.67E+16 4 4.18E+15 2160.3 2.4 Significant
V 4 4.56E+16 4 1.14E+16 5891.2 2.4 Significant
V 5 3.63E+14 4 9.07E+13 46.8 2.4 Significant
V 6 4.86E+17 4 1.21E+17 62705.6 2.4 Significant
V 7 2.48E+16 4 6.20E+15 3199.7 2.4 Significant

S E 3.17E+16 16384 1.94E+12
S T 6.15E+17 78124  
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9.2.2 Total expected loss of the building 

The total expected loss of the building conditioned on the ground motion intensity can be 

computed as follows 

[ ] [ ] ( ) [ ] ( )IMCPCLEIMNCPIMNCLEIMLE TTT |||,|| +=       (9.19) 

As can be understood from Eq. (9.19), E[LT|IM], is a function of the expected loss of the 

building when collapse has not occurred in the building, E[LT| NC, IM], the expected loss of the 

building when collapse has occurred in the building, E[LT| C], and the probability of experiencing 

global collapse in the building as a function of the level of ground motion intensity, P(C | IM). 

To investigate the sensitivity of E[LT|IM] to each of the terms on the right hand-side of Eq. 

(9.19) a direct differentiation sensitivity analysis method has been conducted. In this method, the 

partial derivative of E[LT|IM] has been computed with respect to E[LT| NC, IM], E[LT| C], and, 

P(C | IM) as follows 
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Once the partial derivatives of E[LT|IM] with respect E[LT| NC, IM], E[LT| C], and, P(C | IM) 

have been computed, they are normalized by the ratio of E[LT|IM] to E[LT| NC, IM], E[LT| C], 

and,   P(C | IM), respectively in order to provide a basis for sensitivity analysis.  

Fig. 9.1 presents sensitivity analysis results estimated from Eqs. (9.20) to (9.22) for the case 

study building. As can be seen in the figure, E[LT|IM] is the most sensitive to the non-collapse 

expected loss conditioned on IM, E[LT| NC, IM], for elastic spectral displacements smaller than 

30 cm. For larger levels of IM, E[LT|IM] is the most sensitive to collapse expected loss, E[LT|C]. 

Therefore, it is crucially important to compute a reliable estimate of E[LT| NC, IM] at small levels 

of intensity and a reliable estimate of E[LT|C] at large levels of ground motion intensity.  
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Fig. 9.1 Sensitivity analysis of the total expected loss of the case study building at different levels of the 

ground motion intensity, IM, with respect to (a) non-collapse expected loss conditioned on IM, (b) collapse 

expected loss, and (c) probability of collapse conditioned on IM. 

9.2.2.1 Importance of the estimation of initiation of losses in estimating the expected 

annual loss 

As explained in chapter 4, lognormal cumulative distribution functions similar to what 

presented in Eq. (4.1) are used to fit the experimental data corresponding to the occurrence of 

each damage state in structural and non-structural components in order to come up with fragility 

functions. In some cases, however, the lognormal fits may lead to predictions of the probability 
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of experiencing or exceeding that damage state at levels of deformation which is smaller or larger 

than the level of deformation suggested by the experimental data. Fig. 9.2 shows two examples 

for the first damage state in slab-column connections and first damage state in partitions, in 

which the fragility function using a cumulative lognormal distribution lead to overestimation (for 

the case of slab-column connections, Fig. 9.2a) and underestimation (for the case of partitions, 

Fig. 9.2b) of the probability of experiencing those damage states conditioned on the level of 

interstory drift ratio. Also shown on the graphs in Fig. 9.2, are improved alternatives to fit the 

data, labeled as “Lognormal Fit 2” using shifted lognormal distributions.  
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Fig. 9.2. Overestimation or under estimation of the probability of experiencing or exceeding damage in 

components caused by fitting cumulative lognormal fits: (a) Slab-column connections, (b) Partitions 

The error in predicting the probability of experiencing or exceeding damage in components 

leads to errors in predicting the initiation of losses in the building. In order to find out how this 

error in fitting the experimental data to develop fragility functions can affect the estimation of the 

economic losses, a sensitivity analysis is conducted on the Expected Annual Loss, EAL, as a 

function of variations in the initiation of the non-collapse expected loss in the building 

conditioned on the level of ground motion intensity, E[LT|NC,IM]. Fig 9.3a shows variations 

assumed for the initiation of losses in the E[LT|NC,IM] curve for the case study building. 

Expected annual loss in the building is then computed using each of the alternatives shown in 

Fig. 9.3a, using the procedure explained in chapter 6. The bold line in Fig. 9.4 shows how 

expected annual loss estimated from each of the alternatives shown in Fig. 9.3a varies with 

(a) (b) 
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respect to the original estimation of the EAL. As can be seen in the figure, expected annual loss 

is very sensitive to the initiation of non-collapse losses. For example, small variations in the 

initiation of E[LT|NC,IM] can lead to predictions of the expected annual loss that are more than 

30% different from each other.  
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Fig. 9.3. Assumed alternatives on the variations of the non-collapse building expected loss as a function 

of IM, (a) Different alternatives corresponding to the initiation of the expected loss, (b) different alternative 

on the whole curve. 
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Fig. 9.4. Sensitivity analyses on the expected annual loss with respect to the variations in the non-

collapse expected loss conditioned on IM, E[LT|NC,IM]. 

(a) (b) 
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In order to explore the sensitivity of the expected annual loss to the variations in the 

E[LT|NC,IM] in larger levels of intensity, another case is considered in which the effects of four 

alternatives as shown in Fig. 9.3b on the estimation of the EAL are investigated. The results of 

this sensitivity analysis are also shown in Fig. 9.4, (the dashed line). As can be seen in the figure 

the EAL is not very sensitivity to the errors made in the estimation of E[LT|NC,IM] at large levels 

of intensity, since there is very little difference between the dashed line and the continuous line. 
 

9.3 Sensitivity Analysis on the Effects of Correlation on the 
Dispersion of the Building Loss 

The dispersion of the building loss conditioned on the level of ground motion intensity can 

be computed as follows 

           [ ] [ ] [ ] [ ] ( )IMCPIMCP CLIMNCLIML TTT |)|(1 |
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where [ ]
2

,| IMNCLT
σ  is the variance of the total loss in the building given that collapse has not 

occurred at intensity level IM, and [ ]
2

|CLT
σ  is the variance of the total loss in the building given 

that collapse has occurred. 

The variance of the total loss in the building given that collapse has occurred in the building, 

[ ]
2

|CLT
σ , can be computed as follows 
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where nCCI is the number of Construction Cost Items, CCI , involved in the construction of the 

new building after experiencing of collapse, 
kk CCICCI ′,ρ is the correlation coefficient between 

construction cost items k and k’, 
kCCIσ  and 

kCCI ′
σ  are the dispersion (standard deviation) of the 

construction cost items k and k’, respectively.  

The variance of the total loss in the building given that collapse has not occurred at intensity 

level IM, [ ]
2

,| IMNCLT
σ , can be computed as a function of the dispersion of the losses in individual 

structural and non-structural components in the building as follows  
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where [ ]IMNCLj ,|σ and [ ]IMNCL j ,|′σ  are the dispersion, standard deviation, of the loss in components j 

and j’, respectively, when collapse has not occurred at intensity level IM, aj1 and aj2 are cost of 

new components for components j and j’, respectively, and [ ]IMNCLL jj ,|, ′
ρ  is the correlation 

coefficient between the losses in components j and j’ conditioned on IM when collapse has not 

occurred in the building.  

In this study, sensitivity analysis on the dispersion of the building loss mainly involved the 

investigation of the effects of correlation between individual construction cost items when global 

collapse has occurred in the building, 
kk CCICCI ′,ρ , and correlation between losses in individual 

components, [ ]IMNCLL jj ,|, ′
ρ , on the estimation of [ ]IMLT |σ . This is mainly because a significant 

amount of computational efforts in the estimation of [ ]IMLT |σ  goes into the incorporation of the 

effects of correlation.  

For the case of correlation coefficient between individual construction cost items when 

global collapse has occurred in the building, 
kk CCICCI ′,ρ , two extreme cases were estimated; the 

uncorrelated case ( 0, =
′kk CCICCIρ ), and the fully correlated case ( 1, =

′kk CCICCIρ ). Assuming that 

construction cost items are uncorrelated simplifies the [ ]
2

|CLT
σ , Eq. (9.24), to the following 
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whereas assuming that construction cost items are uncorrelated simplifies the [ ]
2

|CLT
σ , Eq. (9.24), 

to the following 
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Figure 9.5 presents the variations in the [ ]
2

|CLT
σ , for the uncorrelated case, using Eq.(9.26) and 

fully correlated case, using Eq. (9.27) for the case study building. As can be seen in the figure, 

effects of correlation introduce important changes to the estimation of [ ]CLT |σ . It can be seen in the 

figure that the dispersion of the building loss for the fully correlated case is three times larger 
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than that of the uncorrelated case. Therefore, it is crucial to have a reasonable estimate of the 

correlation between individual construction cost items when estimating [ ]CLT |σ . 
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Fig. 9.5 Variation in the standard deviation of the building loss when global collapse has occurred, 

[ ]CLT |σ , for uncorrelated and fully correlated cost items. 

For dispersion of the building loss conditioned on non-collapse and IM, [ ]IMNCLT ,|σ , two 

extreme cases have been investigated: assuming that losses in individual components are 

uncorrelated, and assuming that losses in individual components are fully correlated. If the losses 

in individual components are assumed to be uncorrelated, then the correlation factors [ ]IMNCLL jj ,|, ′
ρ  

are equal to zero, and the dispersion of the total loss conditioned on non-collapse and IM, Eq. 

(9.28), simplifies to the following 
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If losses in individual components are assumed to be fully correlated, then the correlation factors 

[ ]IMNCLL jj ,|, ′
ρ  are equal to one, and the dispersion of the total loss conditioned on non-collapse and 

IM, Eq. (9.25), simplifies to the following 



Chapter 9  Sensitivity analysis and simplified approaches… 289

[ ]

2

1
,|

2
],|[ ⎟

⎟
⎠

⎞
⎜
⎜
⎝

⎛
⋅= ∑

=

n

j
IMNCLjIMNCL jT

a σσ          (9.29) 

Fig. 9.6 shows estimation of the [ ]IMNCLT ,|σ assuming that component losses are uncorrelated, 

Eq. (9.24) and assuming component losses are fully correlated, Eq. (9.25) for the case study 

building. As can be seen in the figure the difference between [ ]IMNCLT ,|σ  for uncorrelated and 

correlated cases are significant. For example, at Sd = 20 cm, [ ]IMNCLT ,|σ  estimated from Eq. (9.25), 

full correlation case, is 5.5 times the [ ]IMNCLT ,|σ  estimated from Eq. (9.24), uncorrelated case. 

Therefore, it is extremely important to incorporate the effects of correlation when estimating the 

dispersion of the building loss.  
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Fig. 9.6 Effects of two extreme assumptions; no correlation between losses in individual components, 

and full correlation between losses in individual components on [ ]IMNCLT ,|σ . 

9.3.1 Effects of number of components on the estimation of the dispersion of the 

building loss conditioned on non-collapse and IM 

As can be seen in Eq. (9.25) standard deviation of the loss in a building conditioned on non-

collapse and the level of ground motion intensity, [ ]IMNCLT ,|σ , is a function of the number of 

components, n. In order to investigate the sensitivity of the [ ]IMNCLT ,|σ  to the number of 

components, a simplified example is conducted. In the example [ ]IMNCLT ,|σ  is estimated for two 



Chapter 9  Sensitivity analysis and simplified approaches… 290

imaginary one story buildings that contain 5 and 25 identical fictitious components, respectively. 

For each imaginary building, three cases of correlation between losses in individual components 

are considered: unconrrelated, partially correlated, and fully correlated. Fig. 9.7 shows the 

variations of the [ ]IMNCLT ,|σ  for each of the buildings and for each of the above three cases on 

correlation with the level of ground motion intensity. As can be seen in the figure, as the number 

of components increases from 5 to 25, the difference between the correlated and uncorrelated 

cases becomes more significant. A better comparison between the levels of dispersion on the 

total loss in two buildings can be made by comparing the percentiles of the building loss 

normalized by the non-collapse expected loss conditioned on IM, as shown in Fig. 9.8. As can be 

seen in the figure as the number of components increases, the difference between uncorrelated 

and fully correlated bands become more significant. This can be understood by comparing Figs. 

9.8a and 9.8e with Figs. 9.8b and 9.8e. Therefore, it can be concluded that the importance of a 

reasonable estimation of the level of correlation between losses in individual components 

increases as the number of components in the loss estimation model increases. This important 

observation can also be seen in Fig. 9.9, which shows that as the number of components 

increases the difference between the coefficient of variation of the building loss conditioned on 

IM, normalized by the coefficient of variation of an individual component conditioned on IM, 

increases. 
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Fig. 9.7. Variations in the standard deviation of the building loss conditioned on non-collapse and IM, for 

two imaginary buildings: (a) a building with 5 components, (b) a building with 25 components. 
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Fig. 9.8. Effects of number of components and different assumptions on the correlation between losses in 

individual components on the normalized percentiles of building loss. 
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Fig. 9.9. Effects of the number of components on the coefficient of variation of the building loss 

normalized by the coefficient of variation of an individual component, for the case of using n 

identical components in a building. 

9.4 Simplified Approaches in Loss Estimation 

A simplified procedure is suggested to estimate E[LT|IM] as a function of the probability of 

collapse conditioned on IM, P(C | IM) and the total replacement cost of the building, E[LT|C] and 

a level of intensity at which the losses are initiated in the building. In the proposed simplified 

procedure E[LT|IM] has been approximated as follows 

[ ] [ ] ( )IMCPCLEIMLE TT ||| *≈              (9.30) 

where P*(C | IM) is the shifted probability of building collapse conditioned on IM and can be 

computed as follows 

( ) ( )IMimIMCPIMCP Δ−== ||*            (9.31) 

where ΔΙΜ is the shift in P (C | IM) that incorporates the effects of non-collapse losses and can be 

estimated by the following procedure: 

a. Find the component that has the smallest median interstory drift ratio corresponding to 

its first damage state. For example, for the case study building the component with the 

smallest median interstory drift ratio corresponding to its first damage state is the 

partition (0.4% median interstory drift ratio). 
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b. Find the level of interstory drift ratio corresponding to 10% probability of experiencing 

or exceeding damage state one in the component found in previous step. For the case 

study building this corresponds to 10% probability of experiencing or exceeding damage 

state one in partitions (0.2% interstory drift ratio). 

c. Estimate the level of ground motion intensity at which the average maximum interstory 

drift ratio, maxIDR , in the building is equal to the drift estimated in the previous step. The 

average maximum interstory drift ratio can be computed from the results of nonlinear 

response history analyses as the average over the maximum interstory drift ratio 

computed in the building for each ground motion. Another approach to estimate 

maxIDR is to use available approximate methods for seismic response of structures 

(Miranda, 1999; Miranda and Ruiz-Garcia, 2002). For the case study building the level 

of ground motion intensity at which maxIDR  is equal to 0.2% is 2 cm of elastic spectral 

displacement, Sd. 

d. Estimate the maximum level of ground motion intensity at which the probability of 

building collapse is 0, i.e. the ground motion intensity at which P(C|IM) = 0.001. For the 

case study building this value corresponds to 5.5 cm elastic spectral displacement. 

e. ΔΙΜ is the difference between the ground motion intensities estimated in steps c and d. 

For the case study building ΔΙΜ=3.5 cm. 

Figure 9.7 compares the expected loss of the building conditioned on IM, E[LT|IM], estimated 

from the above simplified procedure to that estimated from the proposed loss estimation 

methodology. As can be seen in the figure, the simplified procedure provides a good 

approximation to the E[LT|IM]. In fact, the expected annual loss of the building computed using 

this approximation is 86% of the expected annual loss estimated from the proposed loss 

estimation methodology. 

It should be noted that the proposed approximate method works, for the case of non-ductile 

buildings at which probability of building collapse occurs at relatively small levels of ground 

motion intensity, and the contribution of collapse losses in the building is significant. For the 

cases of ductile buildings, at which non-collapse losses dominated the expected loss the propose 

approach may not work very well. 

An approximation to the mean annual frequency of exceedance of the building loss, 

( )tT lL >ν , can be estimated following an approach similar to what proposed by Cornell and 

Jalayer to approximate the response hazard curve (Jalayer, 2003) as follows 

( ) ( )lttT imIMlL =≈> νν     (9.32) 
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Fig. 9.7 Comparison of the building expected loss conditioned on the ground motion intensity, E[LT|IM], 

estimated from a proposed simplified approach to that computed from the proposed loss estimation 

methodology. 
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Fig. 9.8 Comparison of the building loss curve estimated fro the proposed loss estimation methodology 

to the one computed from simplified approach, Eq. (9.35). 

where imlt is the ground motion intensity at which E[LT|IM] = lt. Fig. 9.8 presents the estimated 

( )tT lL >ν  using Eq. (9.32) for the case study building. As can be seen in the figure the proposed 
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simplified approach provides a relatively good estimate for the mean annual frequency of 

exceedance of the building loss for losses smaller than $ 8 M. It should be noted that the 

accuracy of the proposed approximate method to estimate the loss curve depends on two 

conditions: the slope of the seismic hazard curve and level of dispersion of the building loss 

conditioned on IM. If the slope of the seismic hazard curve is too steep, or the dispersion of the 

building loss conditioned on IM, is considerably high, the approximate method may not work. 

Other researchers have also proposed simplified approaches to estimate economic losses in a 

building (Baker and Cornell, 2003; Porter et al., 2004). A comparison has been made between the 

simplified approach proposed by Baker and Cornell (2003) to estimate mean annual frequency of 

exceedance of the building loss and the results computed from the loss estimation methodology 

and the simplified approach proposed in this study. The simplified approach proposed by Baker 

and Cornell (2003) is based on the following assumptions: 

1. The building loss, LT, is lognormally distributed with mean E[LT|IM] and logarithmic 

standard deviation, ( )IMLLn T |σ . 

2. The expected loss of the building conditioned on IM, E[LT|IM], is approximated by the 

following functional form 

[ ] ( )b
T imaimIMLE ==|     (9.33) 

where a and b are constants estimated from two point estimates of the building expected loss 

at two levels of ground motion intensity. 

3. The logarithmic standard deviation of the building loss, ( )IMLLn T |σ  is constant with 

changes in the level of ground motion intensity. 

4. The mean annual frequency of exceedance of the seismic hazard at the site is assumed 

as follows  

( ) ( ) kimkimIM −== 0ν       (9.34) 

On the basis of the above simplifying assumptions the mean annual rate of exceedance of the 

building loss can be computed as follows 

( )
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Fig. 9.9 presents a comparison between the loss curves estimated using Eq. (9.32) and the 

ones computed in this study for the case  study  building. Two alternatives of the results 

estimated 

ν (IM)

0.0001

0.001

0.01

0.1

1

$ 0.01 M $ 0.10 M $ 1.00 M $ 10.00 M $ 100.00 M

E[LT|IM] [million dollars]

 Proposed Methodology 

 Simplified approach (this study)

 Baker & Cornell (2003) (a)

 Baker & Cornell (2003) (b) 

 
Fig. 9.9 Comparison of the mean annual frequency of exceedance of the building loss estimated from the 

approach proposed by Baker and Cornell (2003) with those estimated in this study. 
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Fig. 9.10 Comparison of the building expected loss conditioned on IM, E[LT|IM], computed with Eq. 

(9.33) with the one estimated in this study. 
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from Eq. (9.35) are presented. Each alternative uses a different fit, different a and b factors, for 

the E[LT|IM], Eq. (9.33). As can be seen in the figure the results from Eq. (9.32) are significantly 

different with the ones computed in this study. In order to explore the source of difference a 

comparison has been made between the E[LT|IM] computed in this study and the functional form 

presented in Eq. (9.33). Fig. 9.10 shows a comparison between the E[LT|IM] computed in this 

study and the functional form presented in Eq. (9.30) for the case study building. As can be seen 

in the figure the suggested functional form is not capable of capturing the variations of the 

E[LT|IM] as a function of the ground motion intensity, which leads to significant errors in 

estimating the mean annual frequency of exceedance of the building loss. 
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C h a p t e r  1 0  

SUMMARY AND CONCLUSIONS 

Various aspects of the development of a building-specific loss estimation methodology were 

discussed in detail in previous chapters. In this chapter, Section 10.1, provides guidelines to 

facilitate the use of information contained in this research to loss estimation, with the objective of 

enabling the reader to efficiently extract information required for the implementation of the 

methodology from previous chapters. In section 10.2, major contributions and advantages of the 

proposed loss estimation methodology compared to previous building-specific loss estimation 

methodologies are presented. Conclusions drawn from illustrating the proposed loss estimation 

methodology with an existing reinforced concrete non-ductile building are also discussed in 

section 10.2. Finally, limitations and assumptions made in the proposed loss estimation 

methodology are discussed in the last section of this chapter with the objective of suggesting 

future research in the area of building-specific loss estimation. 

10.1 Guidelines for Applying the Proposed Loss Estimation 
Methodology to a Building 

The proposed loss estimation methodology provides different probabilistic measures of 

economic losses in buildings that can be used to respond to the diverse needs of building 

stakeholders. Various measures of economic losses in a building were discussed in chapter 2. In 

this section, first a roadmap is provided that shows required elements to estimate the expected 

(average) annual loss in a building. Guidelines to estimate building expected losses are then 

extended for the estimation of the mean annual frequency of exceeding a certain level of loss in a 

building (building loss exceedance curve). 
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10.1.1 Estimation of the building expected loss 

The following steps are required to estimate the expected annual loss in a building, E[LT], 

using the proposed loss estimation methodology:  

 A scalar measure of ground motion intensity, IM, should be selected to characterize 

the ground motion intensity at the site. In this study the elastic spectral displacement, 

Sd, was used to characterize the ground motion intensity. However, three other 

measures of ground motion intensity were evaluated and discussed in chapter 3. 

Conclusions with regards to the evaluation of these intensity measures for seismic 

performance assessment in buildings are discussed in section 10.2. 

 Using the intensity measure selected in the previous step the mean annual frequency 

of exceeding different levels of the ground motion intensity at the building site is 

required (i.e. the seismic hazard curve). When using elastic spectral ordinates, site-

specific seismic hazard curves can be obtained from readily available results of 

probabilistic seismic hazard analysis at the site (e.g., Frankel et al., 2000). An 

example of the seismic hazard curve evaluated at the site of the case study building 

is presented in Fig. 3.2. 

 The probability of exceeding various levels of the engineering demand parameter, 

EDP, conditioned on the level of ground motion intensity, P(EDP|IM) should be 

assessed. The proposed loss estimation methodology takes into account losses from 

structural and nonstructural components. Two types of nonstructural components 

were considered in this study: drift-sensitive nonstructural components and 

acceleration-sensitive nonstructural components. Therefore, it is required that 

P(EDP|IM) is estimated for two types of EDP’s, namely peak interstory drift ratio at 

all stories of the building, and peak floor accelerations at all floor levels of the 

building. Chapter 3 explains a proposed approach to estimate P(EDP|IM) from the 

results of Response History Analyses (RHA’s). The following steps are 

recommended to estimate P(EDP|IM): 

o A suite of ground motions should be carefully selected. It was observed that 

for the purpose of loss estimation, at least 40 ground motions are required to 

capture the expected loss. Chapter 8 contains a detailed discussion on  the 

number of ground motion required for loss estimation).  

o Ground motions selected in the previous step should be scaled to specific 

levels of ground motion intensity. It is recommended that at least three levels 

of ground motion intensity be considered. The first one should 
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approximately correspond to a level in which the structure remains linear 

elastic and in which nonstructural damage is triggered. The second level 

should correspond to a high intensity level in which severe structural and 

nonstructural damage is expected to occur. The third intensity level is 

recommended to have approximately an average between the first and 

second intensity levels.  

o Scaled ground motions should be applied to the structural model of the 

building to compute peak structural responses, EDP’s, corresponding to 

different ground motions at each of the three levels of ground motion 

intensity. 

o Counted median or geometric mean, logarithmic standard deviation of each 

EDP, should be computed at a given level of intensity.  

o Variations in the median and logarithmic standard deviation of the EDPs, 

with changes in the level of ground motion intensity can be incorporated by 

using simplified functions described in Eqs. (3.3) and (3.4), for the median 

and logarithmic standard deviation, respectively. 

o The conditional probability of the EDP at a given level of intensity IM, 

P(EDP|IM), can be assumed to follow a lognormal distribution. The validity 

of this assumption for peak interstory drift ratio at all stories and peak floor 

acceleration at all floor levels was verified in chapter 3 for the case study 

building when using elastic displacement spectral ordinates as the selected 

IM. 

 For each structural and nonstructural component in the building that may contribute 

to economic losses, damage states should be defined. As part of the loss estimation 

methodology, it was proposed that damage states be defined as discrete random 

variables that are associated with different course of actions that are required to 

repair or replace the component. Chapter 4 provides definitions of damage states for 

certain structural and nonstructural components located in the case study building. 

For example, damage states corresponding to slab-column connections and non-

ductile reinforced concrete columns are defined in sections 4.2.1.1 and 4.2.2.1, 

respectively. 

 Once damage states have been defined, median and logarithmic standard deviation of 

the level of response (e.g. level of interstory drift or level of peak floor acceleration) 

corresponding to each damage state should be computed using the results of 
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experimental studies. For certain structural components, it was found that estimation 

of these two parameters as a function of material, geometry, detailing and loading 

properties of the component can lead to improved estimates of the probability of 

experiencing or exceeding those damage states in the component, (see for example, 

section 4.2.1.3 and Eqs. 4.3 and 4.4). For other structural and nonstructural 

components located in the case study building median and logarithmic standard 

deviation of the deformation capacities are tabulated in chapter 4. For example, 

Table 4.12 provides median and logarithmic standard deviation corresponding to 

drift capacities of different damage states that can be experienced in interior beam-

column connections. 

 For each component, the probability of experiencing or exceeding a certain damage 

state conditioned on the level of deformation (or level of acceleration in the case of 

acceleration-sensitive components) in the component (i.e., the fragility function) 

should be estimated by using the median and logarithmic standard deviation of the 

deformation capacity corresponding to that damage state in combination with Eq. 

(4.1). 

 For each component, the probability of being in each damage state conditioned on 

the level of lateral deformation (or level of acceleration in the case of acceleration-

sensitive components) is computed using Eq. (4.8). 

 For each component, and for each damage state, the expected repair/replacement 

cost of the component should be estimated. In the proposed loss estimation 

methodology the expected loss of the component at each damage state is estimated 

as a multiplier (normalized loss) to the expected cost of a new component, Eq. (5.1). 

Chapter 5 provides information on the cost of new components and the normalized 

loss corresponding to different damage states for certain structural and nonstructural 

components in the case study building, see for example, Tables 5.3, 5.4, 5.6, and 

5.11. 

At this stage, all the elements required to estimate building expected loss when collapse has 

not occurred in the building are now provided. The proposed loss estimation methodology 

aggregates these ingredients, in a way such that information useful to the engineer and stake 

holders can be produced in intermediate steps prior to computing the building expected annual 

loss:  

 For each component, the variations in the expected loss with the level of deformation 

are computed as a function of the component expected loss at each damage state and 
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the probability of being in that damage state conditioned on the level of EDP, using 

Eq. (6.6).  

 For each component, the variations in the expected loss with the level of ground 

motion intensity can be computed as a function of the expected loss of the 

component at different levels of deformation and the probability of exceeding the 

level of deformation demand in the component conditioned on the level of ground 

motion intensity, using Eq. (6.5). It should be noted that when using Eq. (6.5) the 

probability of the component deformation demand (engineering demand parameter), 

conditioned on IM, does not necessarily correspond to the interstory drift ratio at a 

given story. For example, for the case of slab-column connections in a building, the 

interstory drift ratio that should be used in Eq. (6.5) is a function of interstory drift 

ratios computed at two consecutive stories of the building since the connection is 

located at a floor level and not within a story. For a detail discussion in this issue the 

reader is referred to sections 6.2.2 and 4.2.2.4.  

 The variations in the building expected loss when collapse has not occurred in the 

building with changes in the level of ground motion intensity can be computed as the 

sum of component expected losses at different levels of ground motion intensity 

using Eq. (6.4). It should be noted that for the case of nonstructural components, 

since limited information is available to develop fragility functions, damage in 

nonstructural components for which fragility functions were not available were 

approximately evaluated to be a function of damage in nonstructural components 

with available fragility functions. For example, for nonstructural components located 

within or directly attached to a partition wall in a building, damage was assumed to 

be linked with the damage to the partition. In particular it was assumed that when the 

third damage state is reached in the partition, which requires the replacement of the 

partition, nonstructural components within or directly attached to the partition 

(electrical conduits and outlets, plumbing, wall finishes, etc.) are assumed as also 

requiring replacement.  

 The proposed loss estimation methodology explicitly incorporates economic losses 

from collapse cases in the estimation of the building loss. For the case of expected 

loss, the expected loss of the building when it has collapsed can be computed as the 

replacement cost of the building.  

 The probability of experiencing collapse conditioned on the level of ground motion 

intensity, P(C|IM), can be estimated as a function of different modes of collapse that 
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can occur in the building. For the case study building, this probability of collapse 

conditioned on the level of ground motion intensity was estimated as a function of 

two modes of collapse: sidesway collapse (lateral dynamic instability) and loss of 

vertical carrying capacity produced by a loss of vertical carrying capacity in 

individual elements, Eq. (6.13). The probability of losing the vertical carrying 

capacity in individual structural members was estimated using fragility surfaces 

developed in this study..  

 The total building expected loss at different levels of ground motion intensity, e.g. at 

different earthquake scenarios, E[LT|IM], can be computed as a function of the 

building expected loss from non-collapse cases, building expected loss from collapse 

cases and as a function of the probability of experiencing building collapse, using 

Eq. (6.3). 

 The present value of the expected loss of the building over a certain time period can 

be computed by integrating the E[LT|IM] with the seismic hazard curve at the site 

using Eq. (6.2).  

10.1.2 Estimation of the building exceedance loss curve 

In addition to the information required to estimate the building expected annual loss, namely, 

seismic hazard curve at the site, probability of exceeding EDP conditioned on IM, probability of 

being in different damage states conditioned on the level of EDP in each component, expected 

repair/replacement cost of the component at each damage state, expected building replacement 

cost, and probability of building collapse conditioned on IM, the following information is also 

required: 

 For each component considered in loss estimation, logarithmic standard deviation of 

the component repair/replacement cost is required. For selected structural and 

nonstructural components in the case study building information on the logarithmic 

standard deviation of the component repair/replacement cost at different damage 

states are presented in chapter 5 (see for example, Tables 5.6, 5.8, and 5.11). 

 Correlation coefficient between component losses when different damage states 

have occurred in them is required. While data is not available to estimate this 

correlation between component losses condition on the level of damage in each 

component, a procedure is proposed in chapter 5 that can be used to estimate this 

correlation as a function of correlation coefficient between various construction cost 

items. 
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  The joint probability distribution for two components being in different damage 

states when they are subjected to certain levels of EDP is required. In order to 

estimate this joint probability distribution, it is proposed that components are 

categorized into two groups: (a) components that are identical and are located at the 

same story for which the joint probability distribution of damage conditioned on 

EDP can be obtained using Eq. (6.32); and (b) all other components for which the 

joint probability distribution of damage on EDP can be computed using Eq. (6.30). 

 The correlation coefficient between engineering demand parameters at different 

locations in the building and at different levels of ground motion intensity is 

required. This information can be obtained from the results of RHA’s. The reader is 

referred to section 6.3.3 for further information on this correlation. 

 The correlation coefficient between losses in individual components can be 

estimated using the procedure proposed in section 6.3.3. First, the covariance 

between losses in individual components conditioned on the level of EDP in each 

component is estimated using Eq. (6.29).  In the next step, the covariance between 

losses in individual components conditioned on the level of ground motion intensity 

can be estimated using a first order approximation, Eq. (6.28). 

 The standard deviation of the building loss conditioned on non-collapse and the 

level ground motion intensity can be estimated as a function of the standard 

deviation of the loss in individual components estimated from Eq. (6.20) and the 

correlation coefficient between losses in individual components estimated from Eq. 

(6.25), using Eq. (6.19).  

 The standard deviation of the building loss conditioned on collapse can be estimated 

as a function of the variability in the cost of replacement of the building from 

different construction companies. An example is presented in Fig. 6.28b for the 

standard deviation of the case study building conditioned on collapse. 

 The standard deviation of the building loss conditioned on the level of ground 

motion intensity, σ[LT|IM], can be computed using Eq. (6.17). 

 The probability of exceeding a certain level of loss in the building conditioned on 

the level of ground motion intensity, P(LT|IM), can be estimated assuming that 

P(LT|IM) follows a cumulative lognormal distribution that its first moment is equal 

to E[LT|IM] and its standard deviation is equal to σ[LT|IM] . 

 The building exceedance loss curve can be estimated as a function of P(LT|IM) and 

the seismic hazard curve at the site, using Eq. (6.15). 
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10.2 Major Contributions 

Major contributions of this doctoral work to the current state-of-the-art of building-specific 

loss estimation methodologies can be summarized as follows: 

10.2.1. Assessment of the structural response (chapter 3): 

A procedure was proposed to estimate the probability of exceedance of structural response 

conditioned on the ground motion intensity, which is a primary element for loss estimation. The 

procedure uses the results of response history analyses to estimate probability parameters of the 

peak structural response parameters required for loss estimation in this study, namely interstory 

drift ratio at different stories, and peak floor acceleration at different floor levels. As part of the 

procedure it was verified that the probability of the peak interstory drift ratio at all stories and of 

the peak floor acceleration at all floor levels conditioned on the ground motion intensity can be 

assumed to be lognormally distributed. Previous studies had only verified the validity of this 

assumption for the maximum peak interstory drift ratio in the building. Variations in the 

parameters of the lognormal probability distribution with the level of ground motion intensity 

were also taken into account by performing regression analyses. In particular, variations of the 

logarithmic standard deviation of the structural response with IM, was explicitly taken into 

account.  

The estimation of the parameters of the lognormal distribution at high levels of intensity was 

carefully studied. At high levels of intensity, as the structure approaches the state of global 

collapse, a small increment in the ground motion intensity can produce very large lateral 

deformations. Response near collapse may be very large and will not follow the probability 

distribution of the rest of the sample (e.g. lognormal distribution). Consequently, to estimate the 

parameters of the probability distribution of the EDP at high levels of intensity, it is required to 

identify outliers corresponding to responses near collapse prior to using the maximum likelihood 

method. At high levels of ground motion intensity, it was observed that including all 

deformations in the sample when computing the parameters of the probability distribution can 

lead to significant errors in the estimation of the probability distribution of the sample. A simple 

and powerful statistical procedure was proposed to detect outliers in a sample prior to the 

estimation of the parameters of the probability distribution.  
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10.2.2. Evaluation of ground motion intensity measures (chapter 3): 

One of the challenging questions to researchers when performing probability-based structural 

response analyses is what ground motion intensity measure they should use. As part of this study, 

four parameters that have recently been proposed to characterize the structure-specific ground 

motion intensity were evaluated for their possible use in the proposed loss estimation 

methodology. This investigation contributes to the IM selection studies since almost all previous 

studies on IM selection have either dealt only with the response of single-degree-of-freedom 

systems or have concentrated on the peak interstory drift in multi-degree-of-freedom systems 

occurring anywhere in the structure. Estimation of economic losses or loss functionality in 

buildings, however, requires that intensity measures be evaluated in connection with interstory 

drift ratio at all stories, and peak floor acceleration at all floor levels. Furthermore, almost all of 

the previous IM selection studies have concentrated on the estimation of global measures of 

dispersion of seismic response and have not considered the variations of dispersion with changes 

in the level of ground motion intensity. 

It was concluded that the efficiency and sufficiency of an intensity parameter is strongly 

dependent on the response parameter being considered. For the levels of intensity considered in 

loss estimation, in general, it was found that the inelastic spectral displacement is the most 

efficient intensity parameter of the four parameters evaluated for interstory drift ratio at different 

stories of the building. However, it is not very efficient in minimizing dispersions of peak floor 

accelerations. On the other hand, normalized peak ground acceleration is not very efficient in 

minimizing dispersion of the interstory drift but is very efficient in minimizing dispersion of 

peak floor acceleration. Therefore, it is recommended that the intensity parameter be selected 

based on the response parameter that primarily contribute to earthquake losses or loss of 

functionality in the building. For example, for buildings that most of the economic values or 

functionality depends on acceleration-sensitive nonstructural components or contents (e.g. 

laboratories, hospitals, high-tech manufacturing facilities) the use of normalized peak ground 

acceleration would be preferable than using any of the other three intensity parameters. 

The sufficiency of intensity parameters were investigated by providing two quantitative 

statistical measures that are easy to compute and to interpret. It was found that the normalized 

peak ground acceleration was not a sufficient intensity parameter for the case of magnitude of 

ground motions, when used to estimate interstory drift ratio. When investigating intensity 

parameters for sufficiency requirement for source-to-site distance, all of them were found to be 

sufficient for all types of structural response parameters. 
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10.2.3. Assessment of components fragility functions (chapter 4): 

A damage assessment approach was proposed that provide probabilistic estimations of 

experiencing different levels of damage in a component. Deformation-based fragility functions 

were developed for certain structural and nonstructural components using the results of 

experimental studies on different specimens of a component. For the case of structural 

components interstory drift-based fragility functions were developed for different damage states 

defined in four structural components (namely, slab-column connections, non-ductile reinforced 

concrete columns, interior beam-column connections, and exterior beam-column connections). 

Damage states were defined for each structural component and on the basis of changes in the 

course of actions required to repair or replace that component as a function of increasing levels 

of lateral deformation in the component. For each component a database was developed that 

includes levels of deformation at which different damage states corresponding to that component 

has occurred in different specimens of that component which have bee tested in previous 

experimental studies. For slab-column connections, experimental data from 16 investigations 

conducted in the last 36 years, with a total of 82 slab-column specimens were used to develop 

fragility functions. For reinforced concrete columns with light transverse reinforcement 

experimental data from 20 studies conducted over the last 40 years were investigated and a total 

of 92 specimens were used to develop fragility functions. For interior and exterior beam-column 

connections experimental results from 9 and 8 studies, respectively, were used and a total of 31, 

and 23 specimens, respectively, were used to develop fragility functions. 

Fragility functions developed in this study was used to estimate the probability of 

experiencing different damage states corresponding to structural and nonstructural components 

of the case study building. It was found that the results from using the proposed deformation-

based fragility functions provide improved estimates of the probability of experiencing damage 

at the component-level and therefore leads to improved estimates of the losses at the building 

level. 

10.2.4. Assessment of components loss functions (chapter 5): 

Probability parameters, mean and logarithmic standard deviation, of component loss 

functions were estimated for various structural and nonstructural components located in the case 

study building. In particular, correlation between repair/replacement costs and the dispersion in 

repair/replacement costs were investigated. It was found that, in general, repair costs are 

positively correlated and the level of dispersion, logarithmic standard deviation of the 

repair/replacement costs is high, logarithmic standard deviations in the order of 0.7.  
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10.2.5. Loss estimation methodology and applications (Chapter 6): 

A building-specific loss estimation methodology was developed that incorporates the effects 

of various sources of uncertainty when estimating different probabilistic measures of economic 

losses in buildings. The proposed loss estimation methodology has the following advantages over 

the previous building-specific  loss estimation methodologies: 

 The methodology estimate losses as a function of losses in the building when 

collapse has not occurred and losses in the building when it has collapsed. 

 The effects of correlation between losses in individual components were 

incorporated when estimating the dispersion of the building loss at different levels of 

ground motion intensity. Correlation between losses in individual components were 

estimated as a function of correlation at three levels: correlation between engineering 

demand parameters at different levels of ground motion intensity, correlation 

between experiencing damage in two components when they are subjected to 

different levels of deformation demands, and correlation between repair and 

replacement costs when different damage states have occurred in two components. A 

detailed investigation was performed on the variations of each of these three 

correlations. It was found that correlation between losses in individual components 

contributes significantly to the level of dispersion in the building loss. Therefore, 

assuming limit cases, (i.e. components are fully correlated or are uncorrelated) leads 

to significant underestimations and overestimations of the dispersion of the building 

loss at different levels of ground motion intensity. 

 The proposed loss estimation methodology is based on the total probability theorem 

which leads to significantly smaller number of response history analyses to estimate 

losses compared to the use of methodologies that are based on iterative sampling 

techniques such as Monte Carlo simulations. While the proposed loss estimation 

methodology is capable of estimating building losses with less than 150 RHA’s, 

approaches based on Monte Carlo simulations require more than 1500 simulations to 

estimate building losses. 

 Translation of EDP demands to various structural components in buildings was also 

investigated. It was found that for certain structural components the interstory drift 

demand being transferred into the components can be a function of more than just 

one interstory drift demand estimated from the results of response history analyses. 

For example, interstory drift demand for beam-column connections is a function of 

interstory drift demands estimated at two consecutive stories of a building, since 
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beam-column connections are located at floor levels and not within the stories. 

Furthermore, it was found that relative lateral rigidity of structural elements should 

be taken into account when estimating drift demands in certain structural 

components. For example, it was found that the relative lateral rigidity between 

spandrel beams and exterior columns and between slabs and interior columns in the 

case study building should be taken into account when estimating the level of lateral 

drift demands in columns. Failing to do so, can lead to significant overestimations or 

underestimations of the probability of experiencing damage in structural 

components. 

10.2.6. Loss disaggregation (chapter 7): 

None of the previous building-specific loss estimation studies provide a systematic approach 

to conduct loss disaggregation. The proposed loss estimation methodology is designed in a way 

such that the sequence of estimating losses provides useful intermediate results that can directly 

be used for an efficient loss deaggregation. Loss deaggregation is conducted with the objective of 

delivering information on the contribution of losses from structural and nonstructural 

components to the total loss in a building, on the contribution of losses estimated at each story in 

a building into the total building loss, and on the contribution of the losses from collapse and 

non-collapse cases to the total loss. It was found that loss deaggregation can be used as a 

powerful tool to provide improved information that can be used by various facility stakeholders 

to make informed decisions in terms of adopting seismic risk mitigation strategies for their 

buildings. In particular, it was found that for the case study hotel the majority of the direct 

economic losses are the result of damage to nonstructural components. Therefore, the selected 

loss reduction strategy should be geared toward minimizing damage to nonstructural components 

in the building. 

10.2.7. Propagation of modeling uncertainty in loss estimation   

(Chapter 8): 

Baker and Cornell (2003) provided an approach to incorporate the effects of modeling 

(epistemic) uncertainty when investigating the propagation of uncertainty in loss estimation. This 

study improves the study by Baker and Cornell (2003) in the following ways: 

 More sources of uncertainty are considered and quantified in this study. In particular, 

two sources of epistemic uncertainty at the structural response conditioned on IM, 

EDP|IM level, two sources of epistemic uncertainty for component fragility 
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functions at different damage states, DM|EDP level, and four sources of epistemic 

uncertainty on the probability of collapse were considered.  At EDP|IM the modeling 

uncertainties corresponding to the facts that a limited number of ground motions was 

used for response history analyses and that various modeling assumptions were used 

in developing the MDOF model were investigated. At DM|EDP level (i.e. fragility 

function of each damage state corresponding to each structural component), two 

sources of epistemic uncertainty were investigated. The first source of epistemic 

uncertainty corresponds to the fact that limited number of specimens was used in 

developing fragility functions. The second source of epistemic uncertainty is 

associated with the fact that damage observations in the specimens are typically 

collected at peak values of the loading protocol. Therefore, the deformations 

reported at a certain damage state in a specimen will typically correspond to the peak 

drift that was imposed to the loading cycle at which the damage state was observed. 

For the probability of collapse conditioned on IM, C|IM, four sources of modeling 

uncertainty were investigated. Two of these sources of uncertainty correspond to the 

modeling uncertainty in the estimation of the loss of vertical carrying capacity and 

are estimated from the epistemic uncertainties associated with the two sources of 

modeling uncertainty considered on the fragility functions of structural component 

when loss of vertical carrying capacity damage state has occurred in them. The other 

two sources of modeling uncertainty correspond to the estimation of the probability 

of experiencing sidesway collapse in the building. The first source of uncertainty is 

stemmed from limited number of ground motions and the second source of 

uncertainty is stemmed from various modeling assumptions when developing the 

structural model for conducting analyses on the structural dynamic instability. 

 Epistemic uncertainties estimated at the seismic hazard level (i.e. epistemic 

uncertainty corresponding to the estimation of the mean annual frequency of the 

ground motion intensity), at the EDP|IM level, at the DM|EDP level, and at the C|IM 

level (collapse), was propagated when estimating the building expected annual loss. 

It was found that epistemic uncertainties introduce important variations into 

estimates of building loss that should be taken into account when conducting loss 

estimation in buildings and should be communicated to interested stakeholders of a 

building since it can significantly affect their decisions depending on their risk 

attitude. 
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 A detail study was conducted on the required number of ground motions for loss 

estimation using non-parametric statistical techniques, namely sampling with and 

without replacements. It was found that the required number of ground motions to 

estimate the expected loss conditioned on IM, decreases as the level of intensity 

increases. Recommendations were made on the size of the suite of ground motions 

that should be used for response assessment and for loss estimation depending on the 

probability parameter of interest. It was found that for the purpose of loss estimation 

at least 40 ground motions are required in order to capture losses at small levels of 

ground motion intensity with a reasonable level of accuracy (less than 10% error, 

compared to the loss estimation case using 79 ground motions). 

10.2.8. Sensitivity analysis and simplified approaches in loss estimation 

(Chapter 9): 

Previous building-specific loss estimation studies have used nominal range sensitivity 

analysis techniques (e.g. tornado diagrams) that are model-dependent to rank various sources of 

uncertainty that contribute to the estimation of building losses. The results of nominal range 

sensitivity are most valid when applied to a linear model. However, for a nonlinear mathematical 

model, which is the case in loss estimation, the sensitivity of the output to a given input may 

depend on interactions with other inputs, which are not considered. Therefore, results of nominal 

range sensitivity analysis are potentially misleading for nonlinear models. In this study, however, 

a sensitivity analysis method was conducted on the estimation of the building expected loss 

conditioned on IM, which is model-independent and is based on multi-factor analysis of variance. 

Recommendations are made on the most important sources of variability when estimating 

building expected loss. It was found that the importance of different sources of variability alters 

as the level of ground motion intensity increases. For example, while at small levels of intensity, 

the specimen-to-specimen variability to estimate fragility functions of structural components are 

less important, this source of variability becomes significantly important at large levels of ground 

motion intensity. 

Sensitivity analyses were also conducted on the effects of correlation between losses in 

individual components on the estimation of the building dispersion of the loss and on the 

estimation of the building loss curve. It was found that effects of correlation can significantly 

alter the estimation of dispersion of the building loss and the estimation of the mean annual 

frequency of the building loss. 
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A sensitivity analysis was conducted on the effects of initiation of losses in the building 

when estimating expected annual loss. It was found that building expected annual loss is 

extremely sensitive to the initiation of the losses. Therefore, it is very important to use fragility 

models that provide realistic estimations of the initiation of damage at the component level (i.e. 

using shifted lognormal cumulative distribution functions instead of lognormal cumulative 

distribution functions when fitting motion-damage pairs to develop component fragility functions 

such that the level of deformation at which damage is initiated in the component is captured with 

reasonable accuracy).  

The effects of number of components on the estimation of building losses were also studied. 

It was found that as the number of components considered in loss estimation increases the 

difference between the level of dispersion of the building loss when component losses are 

assumed to be uncorrelated and the level of dispersion of the building loss when component 

losses are assumed to be fully correlated increases. Therefore, incorporation of the effects of 

correlation between losses in individual components when estimating the dispersion of the 

building loss becomes even more important when the number of components considered in loss 

estimation increases. 

10.3 Recommended Future Research 

During a research study, it is always necessary to make certain simplifying assumptions 

during the course of the study. These simplifying assumptions provide an opportunity for future 

research. Simplifying assumptions made in this study together with suggested future research are 

categorized as follows: 

10.3.1. Assessment of the structural response and evaluation of ground 

motion intensity measures (chapter 3): 

In this study only two types of demand parameters, namely peak interstory drift ratio at all 

stories and peak floor acceleration at all floor levels were considered, mainly because majority of 

the components in the case study building are either drift-sensitive or acceleration-sensitive. 

However, for loss estimation in some buildings, significant losses are contributed by contents 

that are velocity-sensitive. Therefore, it is important to conduct research studies on the 

probabilistic estimation of peak floor velocity in buildings. Preliminary investigations with 

regards to the estimation of peak floor velocities have been conducted by Medina and 

Krawinkler, (Medina, 2003), and Miranda and Reinoso (2004).  
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Probabilistic estimation of the engineering demand parameters, and evaluation of ground 

motion intensity measures were performed using scalar (i.e. single-valued) parameters of the 

ground motion intensity. Recent research studies on IM selection (Baker and Cornell, 2005; 

Bazzurro, 1998) suggest that vector-valued intensity measures, intensity measures that include 

more than one scalar value, e.g. a vector of inelastic spectral displacement and epsilon, where 

epsilon is defined as the number of standard deviations by which an observed logarithmic 

spectral acceleration differs from the mean logarithmic spectral acceleration of a ground-motion 

attenuation equation, see Baker and Cornell (2005), can significantly improve the probabilistic 

estimation of the structural response. Further research is recommended on the effects of using 

vector-valued ground motion intensity measures when conducting probabilistic response 

assessment for loss estimation. 

10.3.2. Assessment of components fragility functions (chapter 4): 

Fragility functions and fragility surfaces developed in this study were limited to those 

required for damage assessment in the case study building. In particular fragility functions were 

developed for slab-column connections, reinforced concrete columns and reinforced concrete 

beam-column connections of non-ductile reinforced concrete buildings. An urgent need exists to 

develop such fragility functions for other structural elements in reinforced concrete, steel and 

wood structures. In fact studies were/are being conducted, as part of the Pacific Earthquake 

Engineering Research (PEER) Center’s efforts for seismic performance assessment of buildings, 

on developing fragility functions for various structural components in buildings and bridges. (See 

for example, Walker et al., 2002; Berry and Eberhard, 2003; Pagni and Lowes, 2005;).  

 

Very limited information is available on the fragility of nonstructural elements. However, 

damage reports from previous earthquakes show that majority of economic losses is contributed 

by damage in nonstructural elements. Similarly, disaggregation of the economic losses estimated 

for the case study building also showed that majority of economic losses are from nonstructural 

elements. While it is not possible to develop fragility for all nonstructural elements and contents, 

an urgent need exists to develop fragility functions for those nonstructural elements and contents 

that contribute significantly to the economic losses in buildings. Studies are being conducted in 

this regard as part of PEER Center research program (see for example, Hutchinson et al., 2002; 

Restrepo and Lang, 2003). 
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In this study, damage in structural and nonstructural componets are estimated as a function of 

peak deformations (e.g. peak interstory drift ratio or peak floor acceleration). Therefore, 

cumulative damage has not explicitly been taken into account. Cumulative damage has only 

indirectly and implicitly been considered since fragility functions are developed from 

experimental studies at which specimens have typically experienced several loading cycles at 

each loading level.  

 

The probabilistic damage assessment approach proposed in this study is very well capable of 

providing information on the probability of experiencing extreme damage states, such as shear 

failure or loss of vertical carrying capacity in structural components. Probability of experiencing 

such damage states in structural components can be used for a probabilistic estimation of repair 

time in buildings which leads to probabilistic estimations of building downtime and building 

closure. Further research is required on extending the use of fragility functions and fragility 

surfaces for structural components to estimate probability of experiencing downtime or closure in 

buildings.  

 

Fragility functions developed for the loss of vertical carrying capacity damage states in 

structural components can also be used for probabilistic estimation of the rate of fatalities in 

buildings, since loss of vertical carrying capacity at component-level can trigger local collapses 

and sometimes may trigger a progressive collapse that can lead to total collapse of the building. 

Therefore, further research is recommended on extending the use of fragility functions and 

fragility surfaces for loss of vertical carrying capacity in structural components to the estimation 

of the probability of experiencing fatality rates in buildings. 

10.3.3. Assessment of components loss functions (chapter 5): 

Preliminary investigations were conducted on developing loss functions for certain structural 

and nonstructural components and also on the correlation between component losses when 

different damage states have occurred in them. It is highly recommended that further research is 

conducted on developing loss functions for other types of structural and nonstructural 

components. Also further research is required to carefully evaluate the level of dispersion on 

component losses at different damage states corresponding to that component and to verify that 

loss functions can be assumed to follow a lognormal cumulative distribution, (in this study, it 

was just assumed that component loss functions follow a cumulative lognormal distribution.) 
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10.3.4. Loss estimation methodology and applications (Chapter 6): 

Further research is recommended to be conducted on the proposed loss estimation 

methodology in the context of following topics: 

 Probability of building collapse: Estimation of the probability of experiencing loss of 

vertical carrying capacity in the building was performed assuming that once one 

structural component experiences loss of vertical carrying capacity, it triggers the 

loss of vertical carrying capacity in the building. This simplifying assumption is 

required to be evaluated, and improved approaches need to be developed on the basis 

of structural reliability techniques in order to achieve to more realistic estimations of 

the probability of loss of vertical carrying capacity in buildings. 

 Preliminary investigations were conducted on approaches to translate engineering 

demand parameters estimated from response history analyses into various structural 

elements located in buildings as a function of the increasing levels of lateral demand 

using basic concepts of structural analysis and information on the median capacity of 

experiencing various damage states in structural components. However, further 

research is required to elaborate on the translation of lateral deformation demands 

into structural components. 

 It was assumed that damage corresponding to nonstructural components is either 

correlated with peak interstory drift ratio corresponding to the story at which the 

component is located or with peak floor acceleration corresponding to the floor level 

at which component is located. However, for certain nonstructural components, such 

as vertical pipings, damage is both a function of peak interstory drift and peak floor 

acceleration. Therefore, further research is required for a better estimation of losses 

in components with damage states that are functions of more than one engineering 

demand parameter. 

 A detail study was conducted on incorporating correlation between components 

losses at different levels of ground motion intensity when estimating the dispersion 

of the building loss and eventually building loss curve. Further research is required 

on identifying which factors are the key factors in estimating the correlation between 

losses in individual components with the objective of simplifying the proposed 

approach while maintaining the accuracy of estimating the dispersion of the building 

loss within an acceptable range of the one estimated from the proposed approach. 

Also further research is required on the estimation of the joint discrete probability 

distribution of experiencing damage in two components when they are subjected to 
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different level of deformation. At this point this joint probability distribution is 

estimated under certain simplifying assumptions discussed in chapter 6. 

 There is a need to develop and implement various simplifications to the proposed 

methodology to facilitate its adoption by practicing engineers. As part of PEER 

Center’s research projects, studies are being conducted on developing tools such as 

generic story loss functions to facilitate loss estimation calculations using the 

proposed loss estimation methodology (Miranda and Aslani, 2005c). 

 Measures of economic losses estimated as part of this loss estimation methodology 

can be used in various decision making models to show their applicability for 

making informed decisions with respect to adopting seismic risk mitigation 

strategies. Further research is required to be conducted in this area, while some 

research is being conducted as part of PEER’s efforts to provide powerful 

technologies for decision making using results from seismic performance assessment 

methodology, see for example, May (2002), and Meszaros and Ince in PEER (2005). 

 Only economic losses were considered in this study. However, as explained earlier 

the methodology is very well capable of being expanded to estimate other measures 

of seismic performance, namely downtime and rate of fatalities. Extending the 

methodology to incorporate probabilistic estimation of these measures of seismic 

performance is a matter of future research. As part of PEER’s seismic performance 

assessment research program, studies are being conducted on the estimation of 

measures of seismic performance other than economic losses (see for example, 

Comerio, 2005).  

10.3.5. Loss disaggregation (chapter 7): 

Loss disaggregation was conducted on the expected loss of the building. Further research is 

recommended to develop a loss disaggregation methodology for the mean annual frequency of 

exceedance of the building loss. The problem requires careful consideration since the random 

variables considered in estimating the building losses are correlated and this correlation should 

be properly taken into account when conducting loss disaggregation on the building loss curve. 

10.3.6. Propagation of modeling uncertainty in loss estimation   

(Chapter 8): 

Propagation of modeling uncertainty was only conducted for limited sources of modeling 

uncertainty and was only performed on the building expected loss. Further research is required to 
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incorporate more sources of modeling uncertainty when conducting propagation of epistemic 

uncertainty on the expected loss. Also further research is required to propagate modeling 

uncertainty when estimating the mean annual frequency of exceedance of the building loss.  

 

In this study propagation of uncertainty was only performed assuming that median values of 

the random variables are uncertain. Further research should be conducted on the effects of 

modeling uncertainty both for median and logarithmic standard deviation of the random 

variables. Furthermore, it was assumed that various sources of modeling uncertainty are either 

uncorrelated or fully correlated when performing propagation of modeling uncertainty. The 

effects of correlation between various sources of uncertainty and also the effects of correlation 

between modeling uncertainty on the median and logarithmic standard deviation of the random 

variables should be further investigated. 
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APPENDIX A. DESCRIPTION OF THE 
CASE STUDY BUILDING 

This appendix explains the case study building used to illustrate the proposed loss estimation 

methodology. The building is located in Van Nuys, California, approximately in the middle of 

San Fernando Valley, 20 miles (32 km) northwest of downtown Los Angeles. The latitude and 

longitude of the building site are 34.221°N, 118.471°W. Fig. A1 presents the geographic location 

of the case study building. In this study, it was assumed that the building is in its condition prior 

to the occurrence of the Northridge earthquake of Jan. 17th, 1994 and the description provided in 

this appendix explains the building condition prior to the occurrence of Northridge earthquake. 

The building was severely damaged as a result of this earthquake and it was subsequently 

repaired and seismically retrofitted. 

The case study building is a hotel that was designed in 1965 according to the Los Angeles 

city building code of 1964 and was constructed in 1966. The total construction cost of the case 

study building was $ 1,300,000 in 1966 dollars as reported by John A. Blume & Associates 

(1973) which would be equivalent to $ 8,500,000 in 2003 dollars (ENR, 2003).  

The building is a seven-story structure that consists of roughly 63,000 square feet of floor 

area. The first story that contains a lobby, dining room, tavern, banquet room, and various hotel 

support services is 4.1 m (13 ft-6 in) high. The rest of the stories that contain 22 hotel suites per 

story are 2.6 m (8 ft-6 in) high. The floor system consists of flat slabs. The thickness of the slab 

is 25 cm (10 in) at the second floor, 21.25 cm (8-1/2 in) thick at the third through seventh floors 

(typical floors), and 20 cm (8 in) at the roof. The structural system of the building consists of 

moment-resisting perimeter frames which provide the primary lateral force resisting system and 

interior frames that have been designed for gravity loads and consist of two-way flat slabs and 

columns but also contribute to lateral stiffness. The structure is nominally symmetric with the 

exception of an infill wall located in the first story of the north frame of the building. Fig. A2 
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shows the east-west (longitudinal direction) elevation view of the case study building that 

corresponds to the north face of the building where the infill wall exists in the first story. 

 
Fig. A1. Geographic location of the case study building at three zoom levels. 
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Fig. A2. Elevation view of the north face of the case study building in longitudinal direction. 



Appendix A  Description of the case study building 320

The framing system of the case study building consists of non-ductile columns spaced 

roughly at 6.1 m (20 ft) in the transverse direction with 3 bays and 5.7 m (18 ft-8 in) in the 

longitudinal direction with 8 bays. The exterior columns have a rectangular section, 51 x 35.6 cm 

(20 x 14 in) that remains constant throughout the height of the building, with their weak axis 

perpendicular to the longitudinal direction. The interior columns have a square section of 51 x 51 

cm (20x20 in) in the first story and 46 x 46 cm (18 x 18 in) in the remaining stories. Fig. A3 

shows the framing plan of the case study that includes column spacing in transverse and 

longitudinal directions.  

The moment-resisting perimeter frames of the case study building consist of spandrel beams 

that have different sections in longitudinal and transverse directions. The section widths of the 

spandrel beams are 35.6 cm (14 in) in transverse direction and are 40.6 cm (16 in) in longitudinal 

direction. Fig. A4 shows the dimensions of the spandrel beam sections both in longitudinal and 

transverse directions. The height of the spandrel beams changes along the height of the building 

as can be seen in Fig. A4. In the 2nd floor the height of the spandrel beams are 76.2 cm (30 in), 

while in 3rd to 7th floors (typical floors) the height of  the spandrel beams decrease to 57.1 cm 

(22.5 in) and in the roof floor the height of  the spandrel beams are 55.9 cm (22 in). 
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Fig. A3. Framing plan view of the case study building (modified from John A. Blume & Associates, Inc., 

1973) 
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Table A1 shows the changes in the transverse reinforcement of the columns and spandrel 

beams in the case study building. As can be seen in the table the transverse reinforcements in the 

interior columns decreases from #3 @ 12 in to #2 @ 12 in at the fifth floor. Similarly, the 

transverse reinforcement in the exterior columns decreases from #3 @ 12 in to #2 @ 12 in the 

fourth floor. In fact, it at the top of this exact location, 4th floor, that exterior columns in the south 

face of the case study building experienced shear failure during the occurrence of the Northridge 

earthquake. 
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Fig. A4. (a) and (b) Dimensions of the spandrel beams in the case study building: (a) transverse 

direction, (b) longitudinal direction; (c) Details of transverse reinforcements in columns. 

 
Table A1. Transverse reinforcement in columns and spandrel beams in the case study building. 

Transverse Reinforcement Interior Columns Exterior Columns Spandrel Beams
(1) (2) (3) (4)

#3 @ 12" 1st - 5th Floor 1st - 4th Floor 2nd Floor
#2 @ 12" 5th Floor - Roof 4th Floor - Roof
#3 @ 10" 3rd Floor - Roof  

 

Regular weight concrete is used in construction of the frame. Concrete with nominal 

compressive strength of 34.4 MPa (5000 psi) is used for columns between the ground and 2nd 

floor. For columns between the 2nd to 3rd floor and spandrel beams and slabs of the 2nd floor, 

concrete with a nominal compressive strength of 27.5 MPa (4000 psi) is used. All other structural 

components above the 3rd floor are constructed with a 20.7 MPa (3000 psi) nominal compressive 

strength concrete. The nominal yielding stress of the reinforcing steel for beams and slabs is 276 

MPa (40 ksi) and for columns is 414 MPa (60 ksi).  

(a) (b) (c) 
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The foundation system of the case study building consists of friction piles that are in groups 

of two, three, and four per pile cap and are 61 cm (24 in) in diameter. All piers are spaced at 1.8 

m (6 ft) centers with pier lengths that vary between 9.6 m (31 ft – 6 in) and 11.3 m (37 ft). All 

pile caps are 96.5 cm (38 in) deep with square dimensions that are 3 m x 3 m (10 ft x 10 ft) for 

four-pier pile caps, 1.2 m x 1.2 m (4 ft x 4 ft) for two-pier pile caps and 76.2 cm x 76.2 cm (2 ft-6 

in x 2 ft- 6 in) for one-pier pile caps.  

System Identification 

The case study building is an instrumented building in which different earthquake ground 

motions have been recorded during the lifetime of the building. Originally the building was 

instrumented by accelerographs located at the ground floor, fourth floor and roof floor of the 

building. The accelerometers at each location were capable of recording motion along three 

principle axes, namely, longitudinal direction, transverse direction and vertical direction. Later 

on, the instrumentation of the building was upgraded by the California Strong Motion 

Instrumentation Program (CSMIP). Fig. A5 shows a schematic view of the location of the 

CSMIP accelerometers in the case study building and the direction at which the motion will be 

recorded during an earthquake. As can be seen in the figure the accelerometers have been located 

in ground floor, second floor, third floor, sixth floor and roof floor of the building. 
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Fig. A5. Locations of the California Strong Motion Instrumentation Program (CSMIP) accelerographs in 

the case study building. 
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A list of earthquakes that ground motions corresponding to them were recorded in the 

building is presented in Table A2. Of these earthquakes two of them, the San Fernando 

earthquake and Northridge earthquake caused significant damage in the building. The 1971 San 

Fernando earthquake induced a damage corresponding to 11% of the total building cost (John A. 

Blume & Associates, Inc., 1973). The structural damage occurred in the building due to this 

earthquake was 0.2% of the building total cost and the rest of the damage occurred in 

nonstructural components. The average repair cost for the building was $ 2.30 per square foot in 

1966 dollars. 

 
Table A2. List of earthquakes which their ground motions were recorded in the case study building. 

Earthquake Event Time Magnitude
(1) (2) (3)

San Fernando February 9, 1971 6.7
Whittier October 1, 1987 6.1
Landers June 28, 1992 7.6
Big Bear June 28, 1992 6.6

Northridge January 17, 1994 6.7  
 

The 1994 Northridge earthquake caused severe structural and moment-resisting damage in 

the building. The most severe structural damage in the building was the shear failure of four 

exterior columns in the fourth story in the south face of the building. A detailed description of the 

observed damage is presented in studies by Trifunac et al. (1999) and Trifunac and Hao (2001) 

that are the results of two damage surveys performed on February 4, 1994, and April 19, 1994.  

Previous studies conducted on the Van Nuys seven story hotel 

In this section a reference list of 41 major studies that have been conducted on the case study 

building during the last 34 years is presented. Studies are alphabetically ordered according to 

their author’s/editor’s name and for each study a brief summary is also provided. 

 
Jennings, P.C., Housner, G.W., Hudson, D.E., Trifunac, M.D., Frazier, G.A., Wood, J.H., Scott, R.F., Iwan, 

W.D., and Brady, A.G. (1971). “Engineering Features of the San Fernando Earthquake of February 9, 
1971.” EERL 71-02, Earthquake Engineering Research Laboratory, California Institute of Technology, 
Pasadena, CA. 512 pages.  

A preliminary study of the engineering consequences of the San Fernando, California 

earthquake of February 9, 1971, is presented. The report includes the ground motion recorded 

during the earthquake and provides descriptions on the earthquake damage to buildings, 
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utilities, freeway structures and lifelines. Recommendations are made on the basis of the 

seismic performance of various types of facilities during San Fernando earthquake. 

Hudson, D.E., Maley, R.P., Cloud, W.K., Morrill, B.J., Scott, N.H., and Trifunac, M.D. (1971). “Strong-
motion instrumental data on the San Fernando earthquake of February 9,1971.” EERL 1971.001, 
Earthquake Engineering Research Laboratory, Division of Engineering and Applied Science, California 
Institute of Technology, Pasadena, CA.258 pages. 

The San Fernando Earthquake of February 9, 1971 occurred virtually at the center of the 

Southern California strong-motion earthquake instrumentation network, and provided an 

unprecedented amount of valuable data on strong earthquake-generated ground motions 

which are of key significance in interpreting the severe damage sustained by many modern 

engineering structures. This report provides a database of ground motions recorded during the 

San Fernando earthquake of February 9, 1971. In reporting the accelerographs measurements, 

numerous examples of accelerograms have been given, and samples of standard data 

processing procedures leading to digitized print-outs and calculated velocity and 

displacement curves, and response spectrum curves, have been included. 

Freeman, S.A. , and Honda, K.K. (1973). “Response of two identical seven-story structures to the San 
Fernando earthquake of February 9, 1971.” John A. Blume and Associates, Inc., San Francisco, CA. 69 
pages. 

The results of the structural dynamic investigation of two identical seven-story 

reinforced concrete frame structures located at different distances from the epicenter of the 

San Fernando earthquake are presented. Strong-motion seismic records were obtained for the 

roof, intermediate story and ground floor of each structure. Both structures experienced 

motion well beyond the limits of the building code design criteria. A change in fundamental 

period was observed for each structure after several seconds of response to the earthquake, 

which indicated nonlinear response. The analyses indicated that the elastic capacity of some 

structural members was exceeded. Idealized linear models were constructed to approximate 

response at various time segments. A method for approximating the nonlinear response of 

each structure is presented. The effects of nonstructural elements, yielding beams and column 

capacities on the structural response of the buildings were studied. Ductility factors, dynamic 

response characteristics and damage of the two buildings were compared. Conclusions are 

drawn concerning the effects of the earthquake on the structures and the future capacities of 

the structures. 

John A. Blume & Associates, Inc. (1973). “Holiday Inn (29)” in “San Fernando, California, Earthquake of 
February 9, 1971.” Leonard M. Murphy (Editor), U.S. Dept. of Commerce, National Oceanographic and 
Aviation Administration, Washington, DC, pp. 359-393.  
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This study provides a seismic performance evaluation of the Van Nuys seven story hotel 

during 1971 San Fernando earthquake. The study includes a detail description of the building 

together with a detail explanation of the structural and nonstructural damage observed in the 

building as a result of the San Fernando earthquake. Structural analyses were conducted and 

the results of the analyses were compared to the structural response recorded during the 

earthquake. It was recommended that design procedure of reinforced concrete structures be 

improved by incorporating the effects of variations in the period of vibration of the structure, 

contribution of nonstructural elements to the lateral capacity of the structure, and the effects 

of vertical response of the structure. 

Torkamani, Morteza A. M.; Hart, Gary C. (1975.) “Building system identification using earthquake data.” 
UCLA-ENG-7507, Mechanics and Structures Dept., School of Engineering and Applied Science, 
University of California, Los Angeles, CA. 440 pages. 

Foutch, D.A., Housner, G.W., and Jennings, P.C. (1975). “Dynamic responses of six multistory buildings 
during the San Fernando earthquake.” EERL 75-02, Earthquake Engineering Research Laboratory, 
California Institute of Technology, Pasadena, CA. 108 pages. 

The main purpose of this report was to provide the practicing engineer with a collection 

of brief descriptions of a variety of multistory buildings and their responses to the San 

Fernando earthquake. Six buildings were included in this report; three steel frame buildings, 

two reinforced concrete frame buildings, and one reinforced shear wall building. The 

buildings range from 7 to 42 stories and are located at distances of approximately 8 to 21 

miles from the epicenter of the San Fernando earthquake. For each building, the following 

information were included in the report: description of the building, description of the 

recorded ground motion at the site and the resulting building response, a list of references of 

various studies on the building, graphic presentation of acceleration response histories 

recorded in the building and the integrated displacement response histories, and two 

horizontal components of the relative displacement of the roof and mid.-height motion where 

available. 

McVerry, G.H. (1979). “Frequency Domain Identification of Structural Models for Earthquake Records” 
Report No. EERL 79-02, Earthquake Engineering Research Laboratory, California Institute of 
Technology, Pasadena, CA. 213 pages.  

The usefulness of simple linear mathematical models for representing the behavior of tall 

buildings during earthquake response is investigated for a variety of structures over a range 

of motions including the onset of structural damage. As part of the study, the periods, 

dampings, and participation factors are estimated for the structural modes which are 

dominant in the measured response. The investigation considered the earthquake records 

obtained in ten structures, one of them being the Van Nuys seven story hotel, ranging in 
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height from seven to forty-two stories. Most of the records were from the San Fernando 

earthquake.  

Beck, R.T., and Beck, J.L. (1985). “Comparison between transfer function and modal minimization methods 
for system identification.” EERL 85-06, Earthquake Engineering Research Laboratory, California 
Institute of Technology, Pasadena, CA. 50 pages. 

The efficiency of two system identification techniques, namely transfer function 

technique and modal minimization technique, is assessed using recorded ground motions in 

instrumented buildings, one of which being the Van Nuys seven story hotel. Statistical 

parameters of the results of the two techniques are compared with each other. It is concluded 

that the modal minimization approach provides significantly better estimates of structural 

parameters. 

Yao, J.T., Hansen, J.M., and Chowdhury, A.A. (1987). “Assessment of damageability of Holiday Inn Orion 
Avenue structure due to simulated earthquake forces.” Wiss, Janney, Elstner & Associates, Inc., 
Emeryville, CA. various pagings. 

Cohen, J.M. (1993). “An energy dissipating cladding system: design concepts and feasibility of seismic 
retrofit” Proc. of ATC-17-1 Seminar on Seismic Isolation, Passive Energy Dissipation, and Active 
Control, Applied Technology Council, Redwood City, CA. pp. 533-544. 

This study identifies several issues involved in the modeling and analysis of frames with 

energy dissipating cladding-to-frame connections for seismic-resistant design, establishes 

concepts for design, and provides a preliminary assessment of the force and deformation 

demands that are likely to be placed on panels and connections. Concepts for design are 

summarized. The feasibility of seismic retrofit using an energy dissipating cladding system 

has been examined analytically by studying Van Nuys seven story hotel. The study of the 

retrofit building examines the structural consequences of trying to protect the interior 

partitions for serviceability level ground motions, as well as intentionally isolating the 

partitions. 

Sabol, T.A. (1995). “Performance of concrete buildings in the Northridge earthquake.” Proc. of the Los 
Angeles Tall Buildings Structural Design Council Annual Meeting, Los Angeles Tall Buildings 
Structural Design Council, Los Angeles, CA. 14 pages. 

This paper summarizes the seismic performance of three reinforced concrete buildings in 

the 1994 Northridge earthquake. A four-story modern reinforced concrete ductile frame, a 

seven-story reinforced concrete frame with limited ductility (Van Nuys seven story hotel), 

and a twelve-story shear wall building were investigated. For each building, a general 

description of the building, a summary of the observed earthquake damage, and a summary 

of the structural analyses performed on the building were presented. 
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Lynn, A., Moehle, J.P., and Whittaker, A.S. (1996). “Evaluation of an existing, seven-story, reinforced-
concrete building.” Proc. of the Seventh U.S.- Japan Workshop on Improvement of Structural Design 
and Construction Practices, Kobe, Japan. 

Islam, .S. (1996). “Analysis of the Northridge earthquake response of a damaged non-ductile concrete frame 
building.” The Structural Design of Tall Buildings, 5(3): 151-182. 

Please refer to Islam et al. (1998). 

ATC-40. (1996). “Seismic evaluation and retrofit of concrete buildings.” Prepared by the Applied 
Technology Council (ATC) under a contract from the California Seismic Safety Commission, Applied 
Technology Council, Redwood City, CA, 612 pages. 

This 2-volume report provides a state-of-the-art methodology for the seismic evaluation 

and retrofit of concrete buildings. Specific guidance is provided on the following topics: 

performance objectives, evaluation of seismic hazard, retrofit strategies, quality assurance 

procedures, nonlinear static analysis procedures, developing structural models, effects of 

foundation on seismic performance, and seismic performance of nonstructural components. 

The proposed methodology is illustrated with several buildings, of which one is the Van 

Nuys seven-story hotel. 

Loh, C.H., and Lin, H.M. (1996). “Application of off-line and on-line identification techniques to building 
seismic response data.” Earthquake Engineering & Structural Dynamics, 25(3): 269-290. 

The dynamic characteristics of the Van Nuys seven story hotel during four earthquakes, 

namely Whittier, Landers, Big Bear, and Northridge earthquakes, were compared with each 

other. The dynamic characteristics of the building were computed using two types of system 

identification techniques; off-line system identification and on-line system identification. In 

the off-line system identification technique, time-domain methods were used for estimating 

the system parameters and the modal properties of the building. In the on-line system 

identification technique recursive procedures were adapted and time-varying modal 

parameters were estimated. For structural systems under strong earthquake excitation, a 

recursive identification method, Adaptive Forgetting through Multiple Models (AFMM), was 

introduced to identify systems with rapidly changing parameters. The results from the 

identification algorithms were discussed when they were used for system identification of the 

case study building during four earthquakes. 

Lepage, A. (1997). “A method for drift-control in earthquake-resistant design of RC building structures.” 
Ph.D. Thesis, Dept. of Civil Engineering, University of Illinois at Urbana-Champaign, IL. 251 pages. 

A method for estimating general displacement response of structural systems subjected 

to earthquake motions is formulated after spectral-response analysis with simplifying 

modifications based on observed dynamic nonlinear response of reinforced concrete 

structures. The viability of a linear-model procedure for estimating nonlinear drifts is 
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assessed by means of analytical and experimental data for the nonlinear dynamic response of 

single- and multi-degree-of-freedom systems. The analytical tests used results from 

numerical nonlinear dynamic analyses of systems with different hysteretic properties. Initial 

stiffness, base shear strength, and earthquake frequency content were the main variables. 

Experimental data obtained from earthquake simulations performed on small-scale reinforced 

concrete test structures were used to compare with drifts calculated using the proposed 

method. Also considered was the instrumental data obtained in a seven-story reinforced 

concrete building (Van Nuys building) during three earthquakes. Results indicate that the 

recommended linear-model procedure for estimating maximum displacement demands was 

satisfactory and may be used conveniently and confidently as a basis for earthquake resistant 

design. 

Jirsa, J. O., and Zia, P. (1997). “Seismic analysis of instrumented reinforced concrete buildings : report on a 
Workshop, Salt Lake City, Utah, March 7 & 8, 1997.” ACI/NSF Workshop on Seismic Analysis of 
Instrumented Reinforced Concrete Buildings, Salt Lake City, Utah. various pagings. 

This document is a report on a workshop on the seismic analysis of instrumented 

reinforced concrete buildings. The objective of the workshop was to discuss deficiencies of 

the stat-of-the-art structural analysis techniques in evaluating the seismic performance of the 

Van Nuys seven story hotel during 1971 San Fernando and 1994 Northridge earthquakes. 

The structural analysis results of three studies conducted in different Universities were 

presented. The workshop concluded with specific research needs relative to analyses of 

reinforced concrete structures. 

Rezai, M., Rahmatian, P., and Ventura, C.E. (1998). “Seismic data analysis of a seven-storey building using 
frequency response function and wavelet transform.” Proc. of the NEHRP Conference and Workshop on 
Research on the Northridge, California Earthquake of January 17, 1994, California Universities for 
Research in Earthquake Engineering (CUREe), Richmond, CA. pp. III-421 - III-428.  

A new method of signal analysis is proposed that uses the wavelet transform technique 

together with the frequency response function. The proposed approach have been utilized for 

analysis of seismograms recorded in the Van Nuys seven story hotel during the 1971 San 

Fernando, 1987 Whittier and 1994 Northridge earthquakes. The results showed that any 

change in the stiffness of the structure caused by damage during an earthquake could be 

efficiently detected with the proposed technique by comparing the pre- and post-damaged 

parts of the ground motion records. 

Rihal, S.S., Freeman, S.A., Gates, W., and Sabol, T. (1998). “Lessons and seismic design implications of 
non-structural component damage during the 1994 Northridge earthquake - selected case studies: seven 
story hotel, Van Nuys; Oviatt Library, CSU Northridge.” Proc. of the NEHRP Conference and Workshop 
on Research on the Northridge, California Earthquake of January 17, 1994, California Universities for 
Research in Earthquake Engineering (CUREe), Richmond, CA. pp. III-429 - III-440.  
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The results of a study of the seismic design implications and lessons learned from the 

observed nonstructural component damage during the 1994 Northridge earthquake, especially 

in instrumented buildings, are presented. The first case study is the seven story hotel in Van 

Nuys, which was the closest instrumented building near the epicenter of the 1994 Northridge 

earthquake. By combining old-fashioned hand methods with computer technology, a much 

clearer picture of how individual buildings respond to particular earthquakes can be 

established. This has been done to understand observed structural and nonstructural damage 

patterns, identify modes of vibration, and evaluate the participation of nonstructural elements 

of the Holiday Inn building.  

Naeim, F. (1998) “Seismic performance of extensively-instrumented buildings during the January 17, 1994 
Northridge earthquake: an interactive information system.” Proc. of the NEHRP Conference and 
Workshop on Research on the Northridge, California Earthquake of January 17, 1994, California 
Universities for Research in Earthquake Engineering (CUREe), Richmond, CA. pp. III-405 - III-412. 

An interactive information system is developed to evaluate the seismic performance of 

extensively-instrumented buildings during the 1994 Northridge earthquake. As part of this 

study a database is developed that consists of photos of structural and nonstructural damage 

observed in the instrumented buildings as a result of the 1994 Northridge earthquake. The 

study also provides analytical tools to perform system identification and estimate key 

response parameters at each building. Van Nuys seven story hotel is one of the buildings that 

have been included in this interactive information system. 

Islam M.S. (1998). “A review of state-of-the-art analytical methods in light of observed response of a 
nonductile concrete frame building.” Proc. of the NEHRP Conference and Workshop on Research on the 
Northridge, California Earthquake of January 17, 1994, California Universities for Research in 
Earthquake Engineering (CUREe), Richmond, CA. pp. III-132 -- III-139.  

Islam, M.S., Gupta, M., and Kunnath, B., (1998). “Critical review of the state-of-the-art analytical tools and 
acceptance criterion in light of observed response of an instrumented nonductile concrete frame 
building.” Proc. of the Sixth US National Conference on Earthquake Engineering, Seattle, WA. 
Earthquake Engineering Research Institute, Oakland, CA.11 pages. 

The response of the Van Nuys seven story hotel recorded during the Northridge 

earthquake is analyzed in this paper. System identification techniques were used to analyze 

accelerograms to obtain important building response information including actual periods of 

vibration, story drifts, roof displacement, torsional response, distribution of inertial forces, 

and story shear. The study also evaluated different analytical techniques that are commonly 

used by practicing engineers and/or researchers in terms of prediction of the observed seismic 

performance of the building during Northridge earthquake. 

Browning, J.P. (1998). “Proportioning of earthquake-resistant reinforced concrete building structures.” Ph.D. 
Thesis, Dept. of Civil Engineering, Purdue University, West Lafayette, IN. 230 pages. 
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A simple and efficient method is developed for earthquake-resistant design of reinforced 

concrete building structures based on the principle of proportionality. Displacement response 

is limited in a structure by providing appropriate stiffness for a given amount of structural 

mass. The thesis is developed in two parts: evaluating the demand of strong ground motion in 

regions of moderate and high seismicity and evaluating the response of structures 

proportioned using the proposed method to the determined demand. The applicability of the 

method is investigated with analytical tests of frame and wall-frame structures one of which 

being the Van Nuys seven story hotel. Guidelines are developed for proportioning and 

detailing of members according to the determined demands for regions of moderate and high 

seismicity. 

Gilmartin, U.M., Freeman, S.A., and Rihal, S.S. (1998). “Using earthquake strong motion records to assess 
the structural and nonstructural response of the 7-story Van Nuys hotel to the Northridge earthquake of 
January 17, 1994.” Proc. of the Sixth U.S. National Conference on Earthquake Engineering [computer 
file], Earthquake Engineering Research Institute, Oakland, CA. 12 pages. 

This paper presents the seismic design implications and lessons learned form the study of 

the strong motion records for the seven story Van Nuys hotel. A comparison of the structural 

and nonstructural damage observed during the 1971 San Fernando and 1994 Northridge 

earthquakes is presented. The results of the analysis of selected recorded building response 

data for the 1994 Northridge earthquake are presented. The issues of the contribution of 

nonstructural infill walls, exterior plaster enclosure walls, and interior partitions to the overall 

earthquake resistance and behavior of this case study building during both earthquakes are 

discussed and some observations presented. This paper presents a comparative evaluation of 

the 1994 and 1971 recorded building response data from the seven story hotel in Van Nuys. 

Also included are discussions on potential higher mode effects and their implications for 

nonstructural components. 

Li, Y.R., and Jirsa, J.O. (1998). “Nonlinear analyses of an instrumented structure damaged in the 1994 
Northridge earthquake.” Earthquake Spectra, 14 (2): 265-283. 

This study evaluates the results of nonlinear dynamic and static analyses to predict 

seismic performance of reinforced concrete structures subjected to earthquake ground 

motions. Advantages and disadvantages of the nonlinear analysis methods were discussed by 

comparing the structural response parameters of the Van Nuys seven story hotel, estimated 

using either of the analytical methods, and the structural response recorded during the 1994 

Northridge earthquake. It was concluded that nonlinear dynamic analyses are more capable of 

providing a realistic evaluation of the seismic performance of reinforced concrete structures. 

Li, R., Pourzanjani, M. (1999). “Sensitivity of building response to nonlinear analysis models.” The 
Structural Design of Tall Buildings, 8(1): 15-35. 
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This paper provides a comparison between the structural response parameters estimated 

from nonlinear response history analyses of the Van Nuys seven story hotel using two 

commonly used nonlinear structural analysis programs, DRAIN 2DX 1.10, and IDARC 4.0, 

and the structural response of the building recorded during 1971 San Fernando earthquake. 

Also included in the study are results of sensitivity analyses of the computed structural 

response to the variations in assumptions on the damping ratio, material strength, and 

effective slab width. The study indicated that varying degrees of accuracy are possible with 

nonlinear response history analyses, depending on the software program used and the 

assumptions incorporated in structural parameters.  

Trifunac, M.D., S.S. Ivanovic, and Todorovska, M.I. (1999). “Instrumented 7-Storey Reinforced Concrete 
Building in Van Nuys, California: Description of the Damage from the 1994 Northridge Earthquake and 
Strong Motion Data.” Report CE 99-02, Dept. of Civil Engineering, University of Southern California, 
Los Angeles, CA. 

Browning, J., Li, Y.R., Lynn, A., and Moehle, J.P. (2000). “Performance assessment for a reinforced concrete 
frame building.” Earthquake Spectra, 16(3): 541-556. 

This paper evaluates the seismic performance of the Van Nuys building that was 

severely damaged during the 1994 Northridge, California, earthquake. The building was 

analyzed independently by three research teams using analysis methodologies that were 

similar in concept but different in details. An objective of each analysis was to correlate 

observed and calculated seismic performance of the building. The different analyses were 

successful to varying degrees. The results provide a test case of the effectiveness of various 

seismic performance assessment methodologies. 

Goel, R.K., Lynn, A.C., May, V.V., Rihal, S.S., and Weggel, D.C. (2000.) “Evaluating current procedures 
and modeling for seismic performance of reinforced concrete buildings.” Proc. of the12th World 
Conference on Earthquake Engineering [computer file], New Zealand Society for Earthquake 
Engineering, Upper Hutt, New Zealand, Paper No. 2060. 

The study compares analytical response with the response recorded in 1971 San 

Fernando earthquake, 1989 Whittier Narrow earthquake, and 1994 Northridge earthquake for 

the Van Nuys seven story hotel. The main reason that this building has been selected in this 

study was that it is a regular structure with structural and nonstructural details that are typical 

of building construction prior to the 1970s. Two- and three-dimensional analyses of the 

building were performed with the intent of modeling the observed damage and recorded 

structural response. The analyses included both structural and nonstructural elements. The 

nonlinearity of both structural and nonstructural elements were modeled where appropriate. 

The different nonstructural components that possibly participated in, and influenced the 

dynamic response of the seven-story building, were identified.  
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Ivanovic, S.S. (2000). “Seismic response of an instrumented reinforced concrete building founded on piles.” 
Proc. of the 12th World Conference on Earthquake Engineering , New Zealand Society for Earthquake 
Engineering, Upper Hutt, New Zealand, 12 pages. 

The results of the structural analyses of the Van Nuys seven story hotel to the following 

excitations are presented in this study: (1) nine earthquakes and three aftershocks (between 

February 1971 and December 1994) and (2) ambient noises recorded during two ambient 

vibration tests following the 1994 Northridge earthquake. Short- and long-term changes in 

the nonlinear response of the building-foundation-soil system were studied by moving-

window and zero-crossing analyses to detect changes in the predominant system frequency. 

The nonlinear soil behavior was interpreted to be a significant factor influencing the system 

response for essentially all the analyzed strong motion events. The author indicates that this 

has been very beneficial for this building because the soil dissipates energy via nonlinear 

deformations, reducing the energy available to excite the structure. If founded on more rigid 

soil, this building would have suffered more severe damage during the Northridge 

earthquake.  

Kunnath, S. K., and Alfred, J.J. (2000). “Validity of static procedures in performance-based seismic design.” 
Advanced Technology in Structural Engineering: Proceedings of the 2000 Structures Congress & 
Exposition, American Society of Civil Engineers, Reston, VA. 

This paper evaluates linear and nonlinear static structural analysis methods in estimating 

deformation demands in relatively regular building structures. Two types of structural 

analysis methods, one linear method and one nonlinear method, for estimating seismic 

demands in building structures were evaluated using two case study buildings, an existing six 

story steel building, and a seven story reinforced concrete building (Van Nuys building). 

Structural responses computed from structural analyses of the buildings were compared with 

responses recorded during 1994 Northridge earthquake. It was concluded that commonly 

utilized static procedures, including those recommended in FEMA-273, are generally 

inadequate for seismic evaluation of buildings and substantially enhanced procedures are 

needed if static methods are to be successfully used in performance-based seismic evaluation 

of structures. 

Trifunac, M.D., and Hao, T.Y. (2001). “7-Storey Reinforced Concrete Building in Van Nuys, California: 
Photographs of the Damage from the 1994 Northridge Earthquake.”, Report CE 01-05, Dept. of Civil 
Engineering, University of Southern California, Los Angeles, CA. 91 pages.  

 

Trifunac, M.D., Ivanovic, S.S., and Todorovska, M.I. (2001). “Apparent periods of a building. I: Fourier 
analysis.” ASCE Journal of Structural Engineering, 127(5): 517-526. 

Trifunac, M.D., Ivanovic, S.S., and Todorovska, M.I. (2001). “Apparent periods of a building. II: Time-
frequency analysis.” ASCE Journal of Structural Engineering, 127(5): 527-537. 
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These two studies present an analysis of the amplitude and time-dependent changes of 

the apparent frequency of the Van Nuys seven story hotel. Data of recorded response to 12 

earthquakes were used, representing very small, intermediate, and large excitations (peak 

ground velocity, Vmax = 0.6-11, 23, and 57 cm/s, causing no minor and major damage). The 

firs paper presents a description of the building structure, foundation, and surrounding soil, 

the strong motion data used in the analysis, the soil-structure interaction model assumed, and 

results of Fourier analysis of the recorded response. Results presented in the first paper show 

that the apparent frequency changes form one earthquake to another. The general trend is a 

reduction with increasing amplitudes of motion. In the second paper the analysis of the 

apparent frequency of the building was extended to consider its time-dependent changes, both 

short and long term. The instantaneous apparent frequency is measured by two methods: 

windowed Fourier analysis and zero-crossings analysis. The results showed that it changes 

from earthquake to earthquake and during a particular earthquake. The results also suggested 

‘‘self healing’’ believed to result from settlement of the soil with time and dynamic 

compaction from aftershock shaking. Implications of such high variability of the system 

frequency on structural health monitoring, control of response, as well as on the design codes 

were discussed.  

Porter, K. A., Beck, J. L., and Shaikhutdinov, R. V. (2002). “Sensitivity of building loss estimates to major 
uncertain variables.” Earthquake Spectra, 18(4): 719-743.  

This paper examines the question of which sources of uncertainty most strongly affect 

the repair cost of a building in a future earthquake. Uncertainties examined here include 

spectral acceleration, ground-motion details, mass, damping, structural force-deformation 

behavior, building-component fragility, contractor costs, and the contractor’s overhead and 

profit. The variations in the repair cost of the Van Nuys seven story hotel are measured when 

each basic input variable except one is taken at its median value, and the remaining variable 

is taken at its 10th and at its 90th percentile. Repair costs are estimated using the assembly-

based vulnerability (ABV) method. It was found that the top three contributors to uncertainty 

of the building repair cost are assembly capacity (the structural response at which a 

component exceeds some damage state), shaking intensity (measured here in terms of 

damped elastic spectral acceleration, Sa), and details of the ground motion with a given Sa. 

Barin, B., and Pincheira, J.A. (2002) “Influence of modeling parameters and assumptions on the seismic 
response of an existing RC building.” M.Sc. Thesis, Dept. of Civil and Environmental Engineering, 
University of Wisconsin, Madison, WI, 173 pages pp. 

This study presents the results of inelastic modeling and analyses performed on an 

existing reinforced concrete building located in California. The building was a seven-story 

reinforced concrete frame, which suffered significant non-structural and structural damage 
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during the 1994 Northridge earthquake. The study focuses on the influence of the modeling 

assumptions and the selection of the response parameters on the calculated response of the 

building. In addition, the effectiveness of the applied inelastic modeling procedure to 

compute the displacement response and to predict the failure modes of the case study 

building during the Northridge earthquake is evaluated. Nonlinear static and dynamic 

analyses of the building were conducted. The study indicated that modeling parameters and 

assumptions were influential on the calculated response of the building. Specifically, the 

influence of unloading stiffness, pinching of the hysteresis loops, anchorage-slip and 

anchorage failure and strength degradation with deformation amplitude were significant. The 

nonlinear modeling and analysis procedure employed in this study provided a good estimate 

of the dynamic response measured during the 1994 Northridge earthquake. The observed 

failure modes could not be predicted in entirety but the analyses adequately pointed out the 

vulnerabilities and propensities for failure in the structural system. 

Bozorgnia, Y., and Bertero, V.V. (2002). “Near-real-time post-earthquake damage assessment based on 
reliable damage indices and damage spectra.” Proc. of the seventh U.S. National Conference on 
Earthquake Engineering (7NCEE), Earthquake Engineering Research Institute, Oakland, CA. 10 pages. 

The study proposes improved damage spectra to quantify damage potential of recorded 

earthquake ground motions. The proposed damage spectra will be zero if the structural 

response remains elastic, i.e., when no significant damage is expected and will be unity if 

potential of collapse exists. The improved damage spectra and corresponding damage indices 

have clear advantages over other most commonly used damage indices. Normalized 

hysteretic energy and displacement ductility spectra are two special cases of the proposed 

damage spectra. After an earthquake, maps of spatial distributions of the damage spectral 

ordinates at selected periods can be used for various post-earthquake applications and rapid 

damage assessment. As part of the study, the improved damage spectra have been evaluated 

using the ground motions recorded in the case study building during past earthquakes and 

comparing the results with the damage observed in the building during those earthquakes. 

Paspuleti, C. (2002). “Seismic analysis of an older reinforced concrete frame structure”, M.S. Thesis, Dept. of 
Civil and Environmental Engineering, University of Washington, Seattle, WA. 141 pages. 

The study presented here investigates modeling of the earthquake response of the Van 

Nuys seven story hotel. The building suffered significant structural and nonstructural damage 

during the Northridge earthquake. This study focuses on the effectiveness of the applied 

inelastic modeling procedure to predict building response including the observed failure 

modes of the building. A model was developed that simulated the primary damage 

mechanisms observed after the earthquakes. However, this model failed to simulate the 

observed displacement histories with a high level of accuracy. Additionally, the results of 
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nonlinear static and dynamic analyses were evaluated to identify the modeling parameters 

and modeling assumptions that have the most significant impact on variability in simulated 

response. It was found that variability in response due to ground motion input had a greater 

impact on variability in building response than modeling assumptions. 

Jalayer, F., and, Cornell, C.A. (2003). “A Technical Framework for Probability-based Demand and Capacity 
Factor Design (DCFD) Seismic Formats.” PEER Report 2003/08. 106 pages. 

The study proposes a technical framework for performance-based seismic design and 

assessment of structures. The proposed framework has the same format as the probability-

based load and resistance factor (LRFD) design procedure and is called the demand and 

capacity factor design (DCFD). The DCFD format is based on a technical framework that 

provides a closed form analytical expression for the mean annual frequency of exceeding a 

structural performance level, which is usually defined as specified structural parameters (e.g., 

ductility, strength, maximum drift ratio) reaching a structural limit state (e.g., onset of yield, 

collapse). As part of the study, the DCFD format is illustrated with a two-dimensional model 

of the transverse direction of the Van Nuys seven story hotel. 

Porter, K.A, Beck, J.L., and Shaikhutdinov, R. (2004). “Simplified estimation of economic seismic risk for 
buildings.” Earthquake Spectra, 20(4): 1239-1263. 

This study proposes an alternative measure of estimating economic losses in buildings 

that can be used instead of the probable maximum loss. The proposed measure of economic 

losses is called probable frequent loss and is defined as the mean loss resulting from shaking 

with 10% exceedance probability in 5 years. Probable frequent loss is approximately 

estimated from the building expected annualized loss through a site economic hazard 

coefficient. The advantages of probable frequent loss and expected annual loss over probable 

maximum loss were discussed using results from repair cost estimations in 15 buildings. A 

simple decision-analysis framework for real-estate investments in seismic regions, 

accounting for risk aversion, using the proposed measure of seismic risk assessment 

(probable frequent loss) was also presented. It was shown that market risk overwhelms 

uncertainty in seismic risk, allowing one to consider only expected consequences in seismic 

risk.  

Krawinkler, H. (Editor) (2005). “Van Nuys hotel building testbed report: exercising seismic performance 
assessment.” PEER Report 2005/xx, Pacific Earthquake Engineering Research (PEER) Center, 
University of California, Berkeley, CA. 245 pages. 

This report summarizes the results obtained from the implementation of the PEER 

performance assessment methodology to a testbed building structure (Van Nuys seven story 

hotel). Testbed studies were conducted by teams of researchers and practicing engineers to 

illustrate the feasibility of the methodology and to identify gaps between the implementation of 
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the methodology, and available data and engineering analytical tools. Two primary measures of 

seismic performance were evaluated; the probability of experiencing collapse in the building and 

direct economic losses caused by structural and nonstructural damage. Important sources of 

uncertainty that contribute to each of these measures of seismic performance were identified and 

realistically evaluated. It was found that PEER performance assessment methodology is capable 

of providing useful information to respond to the diverse needs of the building stakeholders such 

that they can make informed seismic risk mitigation decisions. 

 



Appendix B  Ground motions used in this study 337

APPENDIX B. GROUND MOTIONS USED 
IN THIS STUDY 

Table B1 provides a summary of the earthquake ground motions used in this study. For each 

ground motion (each row in the table), the location of the event, year of the event, name of the 

station, event’s magnitude, event’s source-to-site distance, fault mechanism, and the Peak 

Ground Acceleration (PGA), are presented in columns 2 to 8. A complete description of these 

ground motions can be found in Median (2003). 

 
Table B1. Ground motions used in this study. 

Record 
ID Event Year Station Mw R [km] Mechanism PGA (g)
(1) (2) (3) (4) (5) (6) (7) (8) 

IV79cal Imperial Valley 1979 Calipatria Fire Station 6.5 23.8 strike-slip 0.078 
IV79chi Imperial Valley 1979 Chihuahua 6.5 28.7 strike-slip 0.270 
IV79e01 Imperial Valley 1979 El Centro Array #1 6.5 15.5 strike-slip 0.139 
IV79e12 Imperial Valley 1979 El Centro Array #12 6.5 18.2 strike-slip 0.116 
IV79e13 Imperial Valley 1979 El Centro Array #13 6.5 21.9 strike-slip 0.139 
IV79qkp Imperial Valley 1979 Cucapah 6.5 23.6 strike-slip 0.309 
IV79wsm Imperial Valley 1979 Westmorland Fire Station 6.5 15.1 strike-slip 0.110 
LV80kod Livermore 1980 San Ramon Fire Station 5.8 21.7 strike-slip 0.040 
LV80srm Livermore 1980 San Ramon - Eastman Kodak 5.8 17.6 strike-slip 0.076 
MH84g02 Morgan Hill 1984 Gilroy Array #2 6.2 15.1 strike-slip 0.162 
MH84g03 Morgan Hill 1984 Gilroy Array #3 6.2 14.6 strike-slip 0.194 
MH84gmr Morgan Hill 1984 Gilroy Array #7 6.2 14.0 strike-slip 0.113 
PM73phn Point Mugu 1973 Port Hueneme 5.8 25.0 reverse-slip 0.112 
PS86psa N. Palm Springs 1986 Palm Springs Airport 6.0 16.6 strike-slip 0.187 
WN87cas Whittier Narrows 1987 Compton - Castlegate St. 6.0 16.9 reverse 0.332 
WN87cat Whittier Narrows 1987 Carson - Catskill Ave. 6.0 28.1 reverse 0.042 
WN87flo Whittier Narrows 1987 Brea - S Flower Ave. 6.0 17.9 reverse 0.115 

WN87w70 Whittier Narrows 1987 LA - W 70th St. 6.0 16.3 reverse 0.151 
WN87wat Whittier Narrows 1987 Carson - Water St. 6.0 24.5 reverse 0.104 
LP89agw Loma Prieta 1989 Agnews State Hospital 6.9 28.2 reverse-oblique 0.172 
LP89cap Loma Prieta 1989 Capitola 6.9 14.5 reverse-oblique 0.443 
LP89g03 Loma Prieta 1989 Gilroy Array #3 6.9 14.4 reverse-oblique 0.367 
LP89g04 Loma Prieta 1989 Gilroy Array #4 6.9 16.1 reverse-oblique 0.212 
LP89gmr Loma Prieta 1989 Gilroy Array #7 6.9 24.2 reverse-oblique 0.226 
LP89hch Loma Prieta 1989 Hollister City Hall 6.9 28.2 reverse-oblique 0.247 
LP89hda Loma Prieta 1989 Hollister Differential Array 6.9 25.8 reverse-oblique 0.279 
LP89svl Loma Prieta 1989 Sunnyvale - Colton Ave. 6.9 28.8 reverse-oblique 0.207 
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Table B1. (Continued) Ground motions used in this study. 
Record 

ID Event Year Station Mw R [km] Mechanism PGA (g)
(1) (2) (3) (4) (5) (6) (7) (8) 

NR94cnp Northridge 1994 Canoga Park - Topanga Can. 6.7 15.8 reverse-slip 0.420 
NR94far Northridge 1994 LA - N Faring Rd. 6.7 23.9 reverse-slip 0.273 
NR94fle Northridge 1994 LA - Fletcher Dr. 6.7 29.5 reverse-slip 0.240 
NR94glp Northridge 1994 Glendale - Las Palmas 6.7 25.4 reverse-slip 0.206 
NR94hol Northridge 1994 LA - Holywood Stor FF 6.7 25.5 reverse-slip 0.231 
NR94nya Northridge 1994 La Crescenta-New York 6.7 22.3 reverse-slip 0.159 
NR94stc Northridge 1994 Northridge - 17645 Saticoy St. 6.7 13.3 reverse-slip 0.368 
SF71pel San Fernando 1971 LA - Hollywood Stor Lot 6.6 21.2 reverse-slip 0.174 
SH87bra Superstition Hills 1987 Brawley 6.7 18.2 strike-slip 0.156 
SH87icc Superstition Hills 1987 El Centro Imp. Co. Cent 6.7 13.9 strike-slip 0.358 
SH87pls Superstition Hills 1987 Plaster City 6.7 21.0 strike-slip 0.186 

SH87wsm Superstition Hills 1987 Westmorland Fire Station 6.7 13.3 strike-slip 0.172 
BM68elc Borrego Mountain 1968 El Centro Array #9 6.8 46.0 strike-slip 0.057 
LP89a2e Loma Prieta 1989 APEEL 2E Hayward Muir Sch. 6.9 57.4 reverse-oblique 0.171 
LP89fms Loma Prieta 1989 Fremont - Emerson Court 6.9 43.4 reverse-oblique 0.141 
LP89hvr Loma Prieta 1989 Halls Valley 6.9 31.6 reverse-oblique 0.134 
LP89sjw Loma Prieta 1989 Salinas - John & Work 6.9 32.6 reverse-oblique 0.112 
LP89slc Loma Prieta 1989 Palo Alto - SLAC Lab. 6.9 36.3 reverse-oblique 0.194 

NR94bad Northridge 1994 Covina - W. Badillo 6.7 56.1 reverse-slip 0.100 
NR94cas Northridge 1994 Compton - Castlegate St. 6.7 49.6 reverse-slip 0.136 
NR94cen Northridge 1994 LA - Centinela St. 6.7 30.9 reverse-slip 0.322 
NR94del Northridge 1994 Lakewood - Del Amo Blvd. 6.7 59.3 reverse-slip 0.137 
NR94dwn Northridge 1994 Downey - Co. Maint. Bldg. 6.7 47.6 reverse-slip 0.158 
NR94jab Northridge 1994 Bell Gardens – Jaboneria 6.7 46.6 reverse-slip 0.068 
NR94lh1 Northridge 1994 Lake Hughes #1 6.7 36.3 reverse-slip 0.087 
NR94loa Northridge 1994 Lawndale - Osage Ave. 6.7 42.4 reverse-slip 0.152 
NR94lv2 Northridge 1994 Leona Valley #2 6.7 37.7 reverse-slip 0.063 
NR94php Northridge 1994 Palmdale - Hwy 14 & Palmdale 6.7 43.6 reverse-slip 0.067 
NR94pic Northridge 1994 LA - Pico & Sentous 6.7 32.7 reverse-slip 0.186 
NR94sor Northridge 1994 West Covina - S. Orange Ave. 6.7 54.1 reverse-slip 0.063 
NR94sse Northridge 1994 Terminal Island - S. Seaside 6.7 60.0 reverse-slip 0.194 
NR94ver Northridge 1994 LA - E Vernon Ave. 6.7 39.3 reverse-slip 0.153 
BO42elc Borrego 1942 El Centro Array #9 6.5 49.0  0.068 
CO83c05 Coalinga 1983 Parkfield - Cholame 5W 6.4 47.3 reverse-oblique 0.131 
CO83c08 Coalinga 1983 Parkfield - Cholame 8W 6.4 50.7 reverse-oblique 0.098 
IV79cc4 Imperial Valley 1979 Coachella Canal #4 6.5 49.3 strike-slip 0.128 
IV79cmp Imperial Valley 1979 Compuertas 6.5 32.6 strike-slip 0.186 
IV79dlt Imperial Valley 1979 Delta 6.5 43.6 strike-slip 0.238 
IV79nil Imperial Valley 1979 Niland Fire Station 6.5 35.9 strike-slip 0.109 
IV79pls Imperial Valley 1979 Plaster City 6.5 31.7 strike-slip 0.057 
IV79vct Imperial Valley 1979 Victoria 6.5 54.1 strike-slip 0.167 
LV80stp Livermore 1980 Tracy - Sewage Treatment 

Plant
5.8 37.3 strike-slip 0.073 

MH84cap Morgan Hill 1984 Capitola 6.2 38.1 strike-slip 0.099 
MH84hch Morgan Hill 1984 Hollister City Hall 6.2 32.5 strike-slip 0.071 
MH84sjb Morgan Hill 1984 San Juan Bautista 6.2 30.3 strike-slip 0.036 
PS86h06 N. Palm Springs 1986 San Jacinto Valley Cemetery 6.0 39.6 strike-slip 0.063 
PS86ino N. Palm Springs 1986 Indio 6.0 39.6 strike-slip 0.064 
WN87bir Whittier Narrows 1987 Downey – Birchdale 6.0 56.8 reverse 0.299 
WN87cts Whittier Narrows 1987 LA - Century City CC South 6.0 31.3 reverse 0.051 
WN87har Whittier Narrows 1987 LB - Harbor Admin FF 6.0 34.2 reverse 0.071 
WN87sse Whittier Narrows 1987 Terminal Island - S. Seaside 6.0 35.7 reverse 0.042 
WN87stc Whittier Narrows 1987 Northridge - Saticoy St. 6.0 39.8 reverse 0.118 
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